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Abstract:

Conventional bearing capacity solutions to shallow foundations resting on sand predict that the ultimate
bearing capacity increases linearly with footing width and embedment depth. Numerous studies have
found this not to be the case. It has been postulated that this observation is due to scale effects arising
from non-linear material behavior and progressive failure. The objective of this research was to
develop a new design approach to estimate the bearing capacity of sand that 1) accounts for both
components of the scale effect and 2) eliminates the need for extensive biaxial testing to establish a
material failure envelope. This has been accomplished using dilatancy and strength relationships
proposed by Bolton (1986).

In order to evaluate the new approach, results from bearing capacity experiments and shear strength
tests were accumulated for 8 study sands. Two of the sands were tested extensively by the author, while
data concerning the other 6 sands was collected from previous findings by other researchers. In this
thesis, predictions of ultimate bearing capacity using the new approach were compared to the bearing
capacity results compiled for each study sand. These predictions were also compared to predictions
made using the actual failure envelope of each sand in order to study errors associated with using
Bolton’s simplified empirical equations.

In general, it was found that using Bolton’s empirical equations to estimate the bearing capacity of the
study sands did not add an unreasonable amount of error to the predictions. In some cases, using this
approach even improved the predictions. These findings are a significant step forward in the estimation
of the bearing capacity of sands in that subsurface exploration and material evaluation can be greatly
simplified, while at the same time, maintaining reasonable accuracy in bearing capacity predictions.
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ABSTRACT

Conventional bearing capacity solutions to shallow foundations resting on sand
predict that the ultimate bearing capacity increases linearly with footing width and
embedment depth. Numerous studies have found this not to be the case. It has been
postulated that this observation is due to scale effects arising from non-linear material
behavior and progressive failure. The objective of this research was to develop a new design
approach to estimate the bearing capacity of sand that 1) accounts for both components of
the scale effect and 2) eliminates the need for extensive triaxial testing to establish a material
failure envelope. This has been accomplished using dilatancy and strength relationships
proposed by Bolton (1986).

In order to evaluate the new approach, results from bearing capacity experiments and
shear strength tests were accumulated for 8 study sands. Two of the sands were tested
extensively by the author, while data concerning the other 6 sands was collected from
previous findings by other researchers. In this thesis, predictions of ultimate bearing capacity
using the new approach were compared to the bearing capacity results compiled for each
study sand. These predictions were also compared to predictions made using the actual
failure envelope of each sand in order to study errors associated with using Bolton’s
simplified empirical equations.

In general, it was found that using Bolton’s empirical equations to estimate the
bearing capacity of the study sands did not add an unreasonable amount of error to the
predictions. In some cases, using this approach even improved the predictions. These
findings are a significant step forward in the estimation of the bearing capacity of sands in
that subsurface exploration and material evaluation can be greatly simplified, while at the
same time, maintaining reasonable accuracy in bearing capacity predictions.




CHAPTER 1

INTRODUCTION

Background and Problem

In the course of performing a structural design, adequate consideration must be given
to the basic support system of the structure, namely, the foundation system. The primary
purpose of the foundation is simply to transmit loads to the underlying soil structure.
Transmittal of these loads may be done through the use of either footings or rafts. Footings
are slabs which provide support to a portion of the structure. Individual footings are often
used to support single columns. Footings used to support groups of columns-are referred to
as combined footings, while load-bearing walls aré supported with the use of strip footings.
In contrast, a raft footing is a large single slab supporting the entire structure. In cases where
the upper layers of soil are incapable of providing sufficient support, piles or drilled piers are
often used to transmit the structural loadé to suitable soils found at greater depths.

In this thesis, the discussion will be limited to the design of shallow foundations
placed on sand. We will not be looking at the design of piles or drilled piers. Perhaps at this
point it would be helpful to define the meaning of a shallow foundation. Foundations are
considere;d shallow if the depth, (D,) of the footing is less than or equal to 3 - 4 times the

width (B).
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In general, a shallow foundation must meet two requirements. First, any settlement
induced by the foundation must be within an acceptable limit. In other words, settlement of
the foundation should not cause unacceptable damage or, in anyway, interfere with the basic
function of the structure. Secondly, the foundation should be designed in such a manner as
not to exceed the ultimate bearing capacity (q,,) of the soil. Here, we are mainly concerned
with thg possibility of general shear failure resulting in catastrophic damage to thé structure.
It should be noted that one of these two requirements will often control the design of a
foundation. For example, the bearing capacity of the soil may be sufficient to support the
structure, yet the settlement associated with the load may be excessive. Therefore, the
importance of the function‘of' the structure will play a major role in determining which
criteria will control.

Throughout the remainder of this thesis, we will be limiting the discussion to making
accurate predictions of bearing capacity, while ignoring any settlement requirements. More
specifically, we will be looking at a new technique to make better predictions of the bear@r}g
capacity of sanas.

In order to better understand discussions throughout the remainder of this thesis, it
would perhaps be insightful to provide a definition of the ultimate bearing capacity (qy,).
Craig (1992) defines q; as “the least pressure which would cause shear failure of the
supporting soil immediately below and adjacent to a foundation”. In general, failure may
occur by one of three modes (see Figure 1). General sheér failure is associated with the
development of a failure surface extending to ground Ie\-/el. Often, general shear failure is

accompanied with upheaval of the ground surface immediately adjacent to the structure. In




Pressure

\ /

Figure I. Modes of failure: (a) general shear, (b) local shear, ¢) punching shear, (from
Craig, 1992).

this mode, the ultimate bearing capacity is normally well defined as seen in Figure I.
Failures such as this often occur within dense or stiff soils. In contrast, local shear failure
is often associated with only a partial development of a failure surface. Unlike the previous
mode, considerable displacement must occur for the failure surface to reach ground surface.
The last mode of failure, punching failure, occurs in loose or soft soils and at increased
depths of embedment. In this mode, the failure surface does not extend to the ground
surface, and the ultimate bearing capacity is often not clearly defined as may be seen in
Figure I. In general, it may be said that the final 2 modes of failure are often associated with
excessive settlements of the foundation that ultimately control the design. In contrast,
general shear failure is often the failure mode in cases where the ultimate bearing capacity
is controlling the design.

In light of the above discussion, the engineer is now left with the problem of making

accurate predictions of ultimate bearing capacity in cases where bearing capacity controls.
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While conventional solutions exist for bearing capacity problems, in the past, these solutions
have been applied with some inherent conservatism, (i.e., relatively large factors of safety).
This often may be attributed to the nonhomogeneous conditions that can be found at a
particular site. However, in some cases, this conservatism is due to a failure to appreciate
the intricacies of soil-structure interaction. Specifically, the following are often not
understood.

(a) thata fundamenf:ai relationship exists between the dilatancy and strength of a soil,

and that the rate of dilation, which is dependent upon the effective stress and density,

can be related to appropriate strength parameters. Dilatancy may be defined as the
volumetric increase associated with the shearing of a dense sand.

(b) that the scale effect composed of material non-linearity and progressive failure

will lower expected bearing capacities, especially at higher mean normal stress levels

beneath the footing.

Conventional solutions to bearing capacity problems predict that the uitimate bearing
capacity will increase linearly with footing wicith and embedment depth, and fail to consider
scale effects composed of material non-linearity and progressive failure observed in bearing
capacity experiments. Material non-linearity may be thought of as the dependence of the
peak friction angle on the mean normal stress level (p”) beneath the footing. Higher levels
of mean riormal stress corresponding to increased footing widths and embedment depths are
associated with lower peak friction angles. Since conventional solutions assume that the
friction angle remains constant with increasing p’, they will often over predict the actual
bearing capacity at increased footing widths and embedment depths. The second lcompohent

of the scale effect, progressive failure, is due to the nonuniform distribution of shear strain

and thus peak shear resistance along the slip surface. Peak strength has already been reached
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and exceeded in regions close to the footing, long before the shear strength in regions further
away has been mobilizeci, As a result, the average angle of shearing resistance is decreased
and the ultimate bearing capacity is lowered. Radiograph studies by Yamaguchi et al.,
(1976) indicate that this becomes a greater problem with increasing size and embedment
depth of the footing, (i.e., increasing p’). Conventional solutions assume that uniform peak

shear resistance is occurring along the entire slip surface.

Scope of Work

The objective of this thesis will be to present a dilatancy approach to the design of
vertically loaded shallow foundations resting on sand. Eccentric loadings of shallow
foundations are not considered. This approach utilizes dilatancy and strength relatio'nships
developed by Bolton (1986). The design methodol,ogy separately a’c;cbunts for both material

non-linearity and progressive failure and, at the same time, eliminates the need for extensive

. shear strength testing in order to define a material failure envelope. In order to evaluate the

new design prc;qedure, bearing capacity predictions were compared to results accumulated
from bearing capacity experiments performed on 8 study sands. Additionally, predictién_s
made usiné Bolton’s equations were compared to predictions mad;e using the failure
envelope of each study sand.

The previous section deserib‘ed, in general terms, the idea'of ultimate bearing

capacity, and defined some of the problems associated with attempting to evaluate bearing

capacity using conventional methods. This section will provide an overview of the different

aspects of the study, as well as a brief description of the layout of this thesis.
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As noted above, the newly proposed approach to the design of shallow foundations
was evaluated using bearing capacity data and shear strength data accumulated for 8 study
sands. In all, F61 bearing capacity experiments were used. Beariﬁg capacity tests included
both full-scale tests and model experiments using the centrifuge. Shear strength tests
included triaxial and plane strain tests. The author performed triaxial tests on two of the
study sands (MLS-1 and JSC-1), in conjunction ‘with centrifuge tests performed on these
sands by previous researchers. Bearing capécity and shear strength data on the other 6 study
sands was accﬁmuléted from a variety of sources including paperé, research journals, and
theses. In some caseé, the authors were contac’;ed to acquire further inform.ationvregarding
their research. '

The bearing capacity data was analyzed and tabulated for each study sand..
Information recorded for each experiment included both the density and relative density of
the sand tested, the size and embedment depth of the footing, and the corresponding ultimate
bearing c'apacity. The type of test (full-scale or centrifuge) was also noted in this study, as
well as any other experimental factors such as the presence of la groundwater table. In
several cases, the load displacement curves demonstrated strain hardening characteristics,
(i.e., no peak load). Therefore, the ineak load had to be chosen to correspond to a particular
normalized settlement (S/B) of the footing, where S and B are the settlement and footing
width, respectively.

Shear strength data proﬁded With each study sand was also c?valuated by the author,
Using the data, peak strength envelopes were devgloped in p’-q stress space for each study

sand. This was done for two reasons. First, Bolton’s equations use empirical constants to
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describe the strength characteristics of a particular sand. The error associated with using
these empirical constants was stildied by comparing the strength envelope they predict, with
the strength envelope developed for each study sand. Second, bearing capacity predictions
using the proposed method were compared to predictions using the actual peak strength
envelope. This necessitated the development of a peak strength envelope for each study .
sand. The strength data was also analyzed to find an appropriate constant volume friction
angle (¢’,,) for each sand. The constant volume friction angle is simply the friction angle
associated with the critical state, (i.;a., the point at which éhearing takes place without any
change in volume). As will be shown in later chapters, the constant volume friction angle
is primarily dependent upon the mineralogy of the sand. Bolton’s relationships incorporate
the use of the constant volume friction angle, and for this reason, an appropriate constant
volume friction angle had to be chosen for each study sand.

In order to use Bolton’s equations, the level of mean normal stress (p’) appropriate
to the footing has to be found. This required the development of an expression relating the
mean normal stress (p’) and resulting ultimate bearing capacity (qu,g,, to an appropriate
frictioﬁ angle. Perkins (19952) demonstrated that the ratio of mean normal stress to ultimate
bearing capacity (p’/q,,) is primarily a function of the friction angle (¢”). Using a non-linear
limit plasticity solution, an expression was found that related p’/q,, to ¢°. This equafion is
given in Chapter 4. .

The next chapter of this thesis will begin with an overview of the behavior of sands.
This chapter .includes an in-depth discussion of the friction angle, including factors that will

influence the friction angle of a given sand. Dilatancy characteristics of sand will also be
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presented, followed by a brief discussiop of stress-dilatancy theory by Rowe (1962). Rowe’s
theories lay the groundwork for Bolton’s empirical equations relating dilatancy and strength
of sand presented later in the chapter. Also discussed will be several analytical solutions
proposed by other researchers to bearing capacity problems on sand. The last section of the
chapter will be devoted to a presentation of the scale effect, composed of material non-
linearity and progressive failure. The scale effect has been noted by numerous researchers
and was briefly described earlier.

Chapter 3 will present the experimental work performed by the author on two of the
study sands ( MLS-1 and JSC-1). In addition, material properties, bearing capacity results,
and shear strength data for the other 6 stud}; sands will be given. Included within this section
will be a brief narrative on the testing procedure uséd in performing bearing capacity and
shear strength experiments on each of thé study sands.

" Chapter 4 presents a detailed description of the proposed design procedure for
estimating the bearing capacity of sands. This procedure will separately account for material
non-linearity and progressive failure, and. will utilize dilatancy-strength relationships
proposed by Bolton (1986). The predictions made using Bolton’s equations will be
compared to the bearing capacity results, as well as to predictions made using the actual
strength envelope of each sand.

The last chapter will be devoted to conclusions and recommendations for further

work. Also discussed will be simple tests that may be used to establish the material

parameters required in Bolton’s equations.




CHAPTER 2
LITERATURE REVIEW
Introduction

The literature review in this chapter consists of three sections: strength and dilatancy
behavior of sands, overview of the general bearing capacity equation, and a discussion of
scale effects which influence the response of shallow foundations.

In section one, the strength and dilatancy properties of sands are discussed in detail.
This section provides much of the background required to study the bearing capacity
problem. Section two discusses several approaches used to solve bearing capacity problems.
These approaches form the basis for the analysis techniques discussed in Chapter 4. The last
section presents a discussion of scale effects composed of material non-linearity and

progressive failure, and observed in shallow foundation experiments.

Strength and Dilatancy Behavior of Sands

Friction Angle

The resistance of a soil to shear is governed by the soil’s shear strength. In order to
solve soil stability problems such as bearing capacity problems, a knowledge of the shear

strength parameters is required. Coulomb originally expressed the shear strength at failure
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(tp as a linear function of the normal stress (o).
T,=c +0tand | o @))

This equation is known as the Mohr-Coloumb failure criteria, and is more properly expressed
as a function of effective normal stress as

T

=c'+otand’ - )

where ¢’ and ¢’ are shear strength parameters describing the effective cohesion intercept and
the effective angle of shearing resistance or friction angle. Failure of a soil mass will
therefore occur on a particular plane at any point where a c—ritical combination of effective
" normal and shear stress develops.

In practice, the cohesion term in granular soils such as sands is often assumed to be

zero resulting in the simplified Mohr-Coloumb failure criteria presented as
/
t,=0,tandp’ (3)

where the shear strength of the sand is simply expressed as a function of ¢’.

The friction angle of a sand is normally considered to consist of three components.

These components are:
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1. Mineral to mineral sliding or grain sliding (¢,)
2. Particle interlocking, dilation (geometric effect) (0)

3. Rolling friction (¢,)

Rowe (1962) found that the grain sliding component (¢,) is generally dependent upon

several variables including:

(1) Mineral Composition

(2) Microscopic surface roughness
(3) Testing technique

(4) Particle size

(5) Surface conditions

¢, has, in reality, been shown to be principally a function of mineralogy. For
example, the grain sliding component (¢,) of feldspar, a common mineral found in sands,
can be as high as 37 degrees, while silica quartz sands have been found to be as low as 26
degrees, (Mitchell, 1976).

The second component of the friction angle (particle interlocking) is associated with
the work required to lift particles over one another leading to volume expansion or dilation

of the sample. This component may be better understood by consideration of Figure 2.
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Figure 2. Analogy of particle interlock.

By requiring static equilibrium, the following expressions may be developed:

T7=TcosG -ATsiné6

N 1=Tsin0 -Ncos 0

The law of friction can be used to relate N’ to T’ by

T Nan(J)

(4)

(5)

(6)
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Substituting equations 4 and 5 into 6 and simplifying will result in the following expression
T=Ntan(¢, +6) (7

where ¢, is the mineral to mineral sliding component of the friction angle and 0 is the
component due to dilation.

The third component of the friction angle, rolling friction (¢,), is associated witﬁ
[ particles rolling past one another and rearranging while the entire mass remains at a constant
volume. The rolling friction component is most prevalent in sands at or close to the critical
void ratio (CVR), where the critical void ratio is defined as the void ratio in the material such
that when the sample is sheared there is no change in volume. As the relative density of the
material increases, the contribution to the friction angle by the rolling friction becomes less
significant. Eventually, as the minimum void ratio is reached corresponding to 100% relative
density, the rolling friction component will become negligible and the friction angle will
simply be composed of the first two components. Figure 3 demonstrates the interaction of
these 3 components. - |

As seen in Figure 3, the grain sliding component (¢,) is constant for all relative
densities. However, the dilational effect and rolling friction are dependent upon the relative
density. It should also be noted that at high relative densities and large confining stresses,
particle crushing takes place, effectively reducing the dilational component of the friction
angle, (i.e., the magnitude of the values on this diagram are mean normal stress dependent).

In subsequent sections, we will be discussing the using of peak and constant volume friction
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Loose Dense
Relative Density

Figure 3. Interaction of the 3 components of the friction angle.

angles, (("gek and (Qtv) within bearing capacity solutions. In reference to Figure 3, the
constant volume friction angle is composed mainly of the grain sliding component ((JU and
to a much lesser extent, the rolling friction component ((Jr) In contrast, the peak friction
angle is composed primarily of the grain sliding ((Ju) and dilational (0) components.
Several factors will influence the peak friction angle ofa particular sand. In general,
these factors are
1. Relative density of the sand

Strain conditions

N

3. Stress conditions
4. Particle size and gradation
The relative density of the sand will have a significant impact on the friction angle.

The relative density is defined by the following
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Ip = )

where e, and e_;, are the maximum and minimum void ratios for a given sand, and e is the
void ratio at which I is being defined. In general, studies have shown that as the relative
density of a sand increases, the friction angle also increases. Figure 4 from Hilf (1975)
presents a graph of the friction gngle, versus relative density for a number of sands. As can
be seen, the friction angle is increasing with increasing relative density. In addition, the
friction angle ik;: also increasing with angularity of the sand. This is likely due to the particle
interlocking or dilational component of the friction angle. As angularity increases, the .
particles become more interlocked and require greater work to move over one another,
resulting in an increased friction angle.

Strain conditions can also have a significant effect on the friction angle. To
understand this, consider the strain conditions present under a strip footing (Fig. 5). The soil
underneath the strip footing in Figure 5 may be cénsidered to be in a condition of plane
strain. Under these conditions the strain in the intermediate direction (g,) is equal to zero.
As such, the soil particles can override one another only in the two directions of the plane
to which ¢, is perpehdicular. This increases the work necessary for the material to dilate,
effectively increasing the friction angle. In contrast;- strain in the intermediate direction (ey)
is not equal to zero under a square or circular footing. In these cases, more of an

axisymmetric condition is present. Soil particles may override one another in all three of the
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ANGLE OF INTERNAL FRICTION 0 ( Degrel

RELATIVE DENSITY, OR, IN PERCENT

Figure 4. Friction Angle vs Relative Density for a number of sands (from Hilf, 1975).



17

L>7B

Figure 5. Strain conditions under a strip footing.

principal directions, thereby reducing the friction angle. Wroth (1984) attempted to show
that plane strain friction angles are typically 10% higher than triaxial compression friction
angles. While this simplification is valid, it will be demonstrated later that the amount by
which the plane strain friction angle is greater than the triaxial friction angle is also
dependent on the relative density and the level of mean normal effective stress confinement
<P’).

It has also been shown that the mean normal effective stress (p’) equal to the average
ofthe principal stresses (0’,, 0’2& 0’3 can affect the friction angle. In general, the greater
the mean effective stress in a dense angular sand, the lower the friction angle mobilized. This
behavior is often referred to as material non-linearity, and is one of the components
responsible for scale effects in foundation experiments to be discussed in a later section.

The particle size and gradation can also have a significant impact on the mobilized
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friction angle of the sand. It has been shown for example, that changes in the friction angle
with confining pressure (03) are much more apparent for soils with larger particle sizes such
as gravels. This is most likely due to particle crushing taking place at higher confinements.
In contrast, Bolton (1986) found that certain uniform, rounded sands were little affected by
confinements up to 1000 kPa. In addition, it was demonstrated that significant particle

crushing did not take place in one such sand (Ottawa sand) up to confinements of 4000 kPa.

Figure 6. Typical drained triaxial results for both a dense and loose sand.

Dilatancv

Shear strength and dilatancy characteristics of a sand may be found by either drained

triaxial compression tests (CTC) or direct shear tests. Typical drained triaxial results for
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both a loose and dense sand are presented in Figure 6. In these plots, both the axial strain vs
principal stress difference and axial strain vs volumetric strain have been plotted. As seen
in Figure 6, there is a significant difference in thé behavior of a dense versus a loose sample.
Dense samples tend to demonstrate significant strain-softening characteristics with peak
stress at relatively low strain. In addition, dense samples will first tend to decrease in
volume, followed by volumetric expansion or dilation defined as the ﬁlcrease in volume of
a sand during shearing. The rate of dilation is defined as'-(de /de,) with compression defined
as positive. The maximum rate of dilation, -(de /de )., is then associated with peak
strength.

Dilatancy may be better understood by considering the high degree of particle
interlocking present in a very dense, well-graded sand with angular particles. Before shear
lfailure can occur, particle interlocking and friction resistance of the particles must be
overcome. In order to overcome this interlocking, particles will be forced to move over and
around neighboring particles leading to dilation of the sample.

In contrast to a dense sand, a loose sand will tend to exhibit little particle
interlocking. Therefore, as shearing takes place, the sample will simply continue to decrease
in volume, eventually reaching the critical void ratio as defined earlier. In addition, the
sample will not demonstrate the strain-softening characteristics associated with dense sands.
The principal stress difference will simply increase to an ultimate value.

One further observation may be made in reference to Figure 6. In the axial strain vs
principél stress difference plot, both the dense and loose samples ar;e t@nding towards the

same critical state where shearing takes place at a constant volume. The angle of shearing
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resistance at the critical state is known as the constant volume or critical state friction angle.
This observed behavior has importance in later discussions. Throughout the rémainder of
this thesis, the friction éngle associated with the critical state will simply‘be referred to as the

constant volume friction angle (¢’,,)

Stress-Dilatancy Theorv. Rowe (1962) performed much of the original work ir;
relating the shear strength of a sand to both the rate of dilatancy and princip;al stress ratio at
the critical state. His work may be summarized by the following stress-dilatancy relation for
plane strain

ol

!,
Pl (0,/03),,(1 - de/de) )
03

where (0°,/0°;) and (0°,/0°;) ,, are the principal stress ratios at any point on the stress-strain
curve and at the critical state, respectively. (de,/de)) is the dilatancy rate at (0°;/0%) with
compression defined as positive. This eéuétion was derived strictly from theoretical
considerations. Since the principal stress ratio ip the ultimate state (i.e., at failure) is a
measure of the soil’s friction angle, this expression indicates that the friction angle at peak
strength (¢’ .10 18 equal to the constant volume friction angle (¢’,,) for loose sands where
the rate of dilatancy at peak is zero. However, for dense sands, the positive rate of dilatancy
implies that the friction angleat peak will exceed the constant volume friction angle. As the

confinement increases, the rate of dilatancy will tend to decrease, decreasing the difference

!
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between (j)’pek and (j)tv. In addition, the rate of dilatancy is dependent upon the strain
boundary conditions, with the rate typically being greater for plane strain as opposed to
axisymmetric strain conditions. Thus, the difference between (Jfpekand (Jfovdepends on the
soil’s relative density, mean normal stress confinement, and strain boundary condition. This
equation would allow for the peak friction angle to be determined for particular conditions
of relative density, mean normal stress, and strain conditions provided the rate of dilatancy

could be found. From a practical standpoint, this would be a difficult task.

Figure 7. Saw blade model of dilatancy.

Bolton (1986) employed a similar, but less rigorous approach to the development of
an equation to estimate the peak friction angle ((Jfpel), knowing (Jfovand the dilatancy angle
QJ)). Consider the saw blade model of dilatancy shown in Figure 7. The friction angle, (Jfev
describes the observed friction angle for soil in its critical state where iji is equal to zero, and
the two halves of the block slide past one another without any vertical component of motion.
When the rate of dilation is positive the upper block has a component of displacement in the

vertical direction with the block’s motion given by the dilatancy angle (ij;). For this case, the
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observed friction angle of the soil is given by equation 10 below.

Oy = L, + | ' (10)

It should be noted that equatiori 10 provides the same information as the equation developed
by Rowe (eq. 9) since the principal stress ratio (6°,/0°,) and (¢’,/0°,) ., utilized in Rowe’s
equation can be expressed in terms of ¢’ ., and ¢, fespectively. The rate of dilation (1 -
de,/de,) can also be expressed in terms of the dilatancy angle (¢). Making these

substitutions, it is therefore possible to express Rowe’s equation in the form

(W) (11)

The resulting equation is non-linear and algebraically complicated.

Bolton compared equation 9 to equation 10 by plotting ¢’ against ¢ for an
assumed value of ¢’ .. In his paper, Bolton showed that equation 10 overestimated equation
9 by approximately 20 percent (see Fig. é). Bolton empirically adjusted his equation td

account for this discrepancy, developing the following expression

G =sy + 080 (12)
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EquationJO

10
deg

Figure 8. Stress-dilatancy relations from Bolton (1986).

The advantage of equation 12 is that the angle of shearing ((JTpe in excess of the
friction angle at constant volume ((Jfo), is due solely to the volumetric expansion or dilation
of the sand, and is operationally no different than equation 9.

If one were now to assume that the soil particles were perfectly strong and rigid,
dilation would simply be a function of relative density since overriding of particles would
take place no matter the confinement. However, at elevated confining pressures, particle
crushing, asperity breakage, and possible particle yielding occurs which will decrease the
peak angles of dilation and shearing (ljJjpek and (JTpesk). This in turn suggests an empirical
relationship relating (JTpekor (Jpekto both the density and confining pressure.

Bolton developed an empirical expression to relate the dilatancy angle to the relative
density and mean effective stress (p’). Making the observation that changes in (JTpekwere

linear with the logarithm of stress (p’), the following expression was proposed
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p crit

p/

lllpmk =4I, In( )

3)

where A is a constant, I, is the relative density of the soil, p’ is the mean effective stress at

failure, and p’;, is the mean effective stress just sufficient to prevent all dilation.

Due to the lack of data in the literature pertaining to ., and the difficulty associated

with defining ¥, in axisymmetric triaxial tests, an alternative expression to equation 13

was proposed. This equation is given as

W, =41, (Q ~1np ) - R]

(14)

where A, Q, and R are constants. The term (I,(Q-In p’)-R) was termed a relative dilatancy

index (Iy) such that

— _ N _
I,=I(Q-lnp’)-R

(15)

which was useful since it could be forced to return a zero value when p’ =p’,;.- Equation

15 could then be substituted into equation 12 to yield

Ppeae =Py +4[15(Q ~Inp ) ~R]

or

(16)
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/ /
¢peak - d)cv =4 IR (1 7)

where A contains the 0.8 multiplier and whose value will be dependent upon strain boundary
conditions. Equation 17 was evaluated using published results of plane strain and triaxial
compression tests on 17 sands with I, ranging from 0.2 to 1.0 and ¢’,, ranging from 30 to

37 degrees. For.conditions of triaxial compression, the following expression was obtained

d)I/Jeak - (bév = 3IR ) (1 8)

while for plane strain conditions

d)éeak - d)év = SIR (1 9)

For the majority of soils studied, the parameters Q and R were found to provide a good fit

to the data when Q = 10, R = 1, giving

I,=I (10 -Inp’y -1 : 20)

where p’ is in units of kPa. It should be noted that Q and R can be adjusted to providé a

better fit to the data. _ N
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Due to the unavailability of good low stress data for any of the test sands, Bolton set
an upper limit of 4 for the relativé dilatancy index (Iy). It is noted that this does not indicate
equation 20 is invalid for I values greater fhan 4. Bolton (1986) further comments that the
dilatancy behavior of certain uniform, rounded sands such as Otta;;va sands are not well
predicted by these empirical relationships. This is thought to be due to the particle strength
_ possessed by these sands. Due to this particle strength, significant particle crushing does not
take place until relatively high stress ranges are reached. As aresult, the relative dilatancy
index (Iy) is underestimated for these sands.

Utilizing equations 18 and 19, one further observation can be made. Dividing

equation 19 by equation 18 results in the following

/ /
(bps _ ¢cv+SIR

/ /
d)tc (bcv +3IR

@21)

where ¢’/ is the ratio of the plane strain friction angle to the triaxial compression

friction angle. Looking at equation 21, it becomes aI;parent that this ratio increases as I

increases and ¢’ , decreases. Therefore, it appears that this ratio will not always be 1.1 as

Wroth (1984) attempted to slrlow. One may also observe that as I approaches zero for loose

sands, this ratio approaches 1, which suggests in thése cases that the plane strain and triaxial

compression friction’angles are equal to one another and to ¢’,. Therefore, at the critical |
| state, there is no difference between plane’strain and axisymmetric conditions.

The practical applications of using equations 18 - 20 in a bearing capacity solution

are great. By knowing the relative density of the material in question, and assuming a mean
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normal effective stress (p’) beneath the footing, the engineer is able to calcula;te an
appropriate relative dilatancy index (I) using equation 20. Next, knowing the strain restraint
condition present underneath the footing and assuming an appropriate éonstant volume
friction angle (¢’,,) for the soil in question, the engineer can determine a peak friction angle
(¢’ pear) for use in the bearing capacity solution. This aﬁproach would eliminate the need for
extensive triaxial testing of undisturbed samples to define a material failure envelope.

The obvious drawbacks to this method are simply not knowing ¢’,, and the mean
normal effective stress (p”) beneath the footing. ¢’., has been shown to be principally a
function of mineralogy and may be determined experimentally using reconstituted sainples,
or estimated knowing the predominant sand mineral type. However, the mean normal
effective stress (p’) is not as easily found simply because p’ is dependent both on the footing
size and the depth of embedment. In the following chapters, a design solution using Bolton’s

equations will be proposed in conjunction with a procedure to determine p’.

Qverview of the General Bearing Capacity Equation

The ultimate bearing capacity (q,,,) of a shallow foundation under a static, vertical,

central load may be expressed by the following equation suggested by Meyerhof (1963)

1 .
qultzc Nchchd + qu Fquqd + EYB N'YFYSFYd (22)

where ¢ = cohesion of the soil

q = surcharge pressure at the bottom of the footing
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vy = unit weight of the‘ soil
B = width or diamet;:r of the footing
N,, Ny, Ny = bearing capacity factors which are functions of ¢’
Fes, Fos, Fy, = shape factors
F.4, Fad, Fyy = depth factors
Vesic (1973) and Chen (1975) developed the following expressions for N, and N

given as

N =N~ 1)cotdy (23)

N, =tan®(T/4 + {/2)e "22® (24)

At this time, there is still on-going controversy concerning an appropriate expression
for the bearing capacity factor Ny. One possible expression developed from limit plasticity

theory by Chen (1975) is given as

3T

._ta_nd) . ' 3
NY=ltan€[tanEe N 3s\1n(l)pos(b
2 2(1 +8sin?d)(1 - sind)

(25) -

3—T‘:tand)
[[tanﬁ—f(:—q)]e 2 +tan€%‘z+l]

where

E=m/4 +$2
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The shape factors Fes, Fos, and Fy, are used to account for non-plane strain conditions

/ and may be expressed by the following equations, (De Beer 1970).

r=1+80
s TN (26)
B
F,=1 +ftan¢ | X))
B
Fy,=1-04— (28)

The shape factors are empirical relations based on laboratory tests.
The depth factors Fed, Foe, and Fy, are used to account for shear resistance of the soil
above the base of the footing. These factors, developed by Hansen (1970), are given by:

Condition(a): D/B <=1

F_=1+04—1L - (29)
B
a2 Dr
F,=1+2tan¢ (1 ~sind) - 30)
Fyg=1 €2Y)
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Condition(b): D/B > 1

. D -
F ,=1+0.4tan'—< o (32)
) B
- . 240 -1 Df
F ,=1+2tan (1 -sind) tan” Y . (33
F =1 (34)

It should be pointed out that the bearing capacity equation assumes that the
groundwater table is located at a depth no less than one footing width below the bottom of
the footing, and the depth of the footing (Dy) is less than four times the width of the footing.

In order to solve a bearing capacity problem on a sand, it is important to choose an
appropriate friction angle for use in the bearing capacity equation. This has led to numerous
problems for engineers. As discussed previously, many sands demonstrate significant
variation in the friction angle over a range of mean normal effective stress (p’). This haé
been termed materia{ non-linearity. For example, the secant friction angle of one of the
sands used in this study (MLS-1) varies from 47 to 58 degrees over a mean normal effective
stress (p*) confinement range of 2300 kPa. The question therefore arises as to an appropriate
friction angle for use in the bearing capacity equation. In addition, bearing capacity -

predictions using frictfon angles over 50 degrees will become abnormally elevated for
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relatively small footing widths since the bearing capacity factors are exponential functions
of the friction angle.

These problems associated with material non-linearity have therefore led to further
analysis by numerous researchers. Following are brief overviews of several techniques

proposed to take this material non-linearity into account.

Methods to account for material non-linearity

Kutter et al., (1988) published the results of a number of bearing capacity tests on
Monterey Sand. In their study, they compared the bearing capacity results to predicted
results using methods proposed by De Beer (1967) and Meyerhof (1948) to account for
material non-linearity, as well as their own proposed method.

Meyerhof (1948) in his paper assumed that the average normal stress (07,,)
developed along the failure surface would be 1/10th of the ultimate bearing capacity. Using
a Mohr-Coulomb diagram, the practitioner would then choose a secant friction angle
corresponding to the secant slope connecting the origin to this point on the failure envelope.
The cohesion is assumed to be equal to zero. This method therefore requires an iterative
procedure to find an appropriate friction angle (¢’ .., since the choice of ¢°,,, is dictated
by q,;, and g, is governed by thé value of ¢ .

Using Meyerhof’s idea, De Beer (1967) developed a semi-empirical equation for the

average normal effective stress (0,,,) along the failure surface. His equation is exptessed

by ~
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where y = unit weight of the soil, d = depth of the foofing, and qy is the ultimate bearing
capacity of the footing. A review of De Beer’s paper revealed little on the exact development
of equation 35. As with Meyerhof’s solution, this method requires an iterative procedure to
find the appropriate ([)’;,eal(, where one first assumes a vellue of average normal stress at failure‘
(O’avg), and determines the peak secant friction angle (¢’ ) corresponding to this point on
the failure envelope. Next, g, is corﬁputed using ¢’ The values of q,; and ¢’ ., are then
used inside equation 35 to determine ¢’,,, and compared to the assumed 6°,,,. A new value
of average normal stress (0”,,,) is then assumed and the process repeated until the two values
of average normal stress converge.

In his paper, Kutter et al., (1988) compares the above two methods with a more
conventional approach utilizing a constant ¢’ and ¢’ from a least-squares fit of the triaxial
data in the range of interest for dense Monterey sand. It is interesting té note that an apparent
cohesion “c” is used in this proposed method even though sand does not possess a true
cohesion. Apparently, it was felt that using a ¢’ parameter provided é better approximation
of the curved failure envelope then assuming a cohgsion equal to zero.

In their study, they found that De Beer’s method and the proposed least squares
method both predicted beariﬁg capacities close to the experimental bearing capacities.
Howeyver, it is maintained by the aﬁthor that the use of an average friction anglé and cohesion

is not an appropriate method for selection of shear strength parameters for certain sands
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demonstrating material non-linearity beyond that of Monterey sand. For example, Kusakabe
et al., (1992) found that Scoria sand possesses friction angles that range from 36 to 64
degrees at the lowest confinements. In this case, using an average value for the friction angle
and cohesion could lead to some problems, even if one were to narrow this range by
assuming an appropriate level of stress under the footing in question. This point is further
validated by Perkins (1995a). In his study, he found ﬂ'lat using average strength values
dramatically overestimated the bearing capacity of émo"ther sand (MLS-1) possessing
substantial m,a‘;erial non-linearity. In addition to the problem of material non-linearity, using
average strength parameters does not account for possiblé progressive failure effects, which
become an iﬁcreasing problem with larger footing widths and greater embedment depths.
This phenomenon will be discussed in the next section.

De Beer’s method utilizes a friction angle based upon the average normal effective
stress under the footing, and is therefore more attractive then using the least-squares
approach. In addition, De Beer’s method takes into account the increase in 0°,,, with depth
of embedment of the footing. However, little is available on the exact dpvelopment of De
Beer’s expression as well as the equation proposed by Meyerhof, making them a little less
attractive for use in a bearing capacity analysis.

Perkins (1995a) developed an expression using the slip line solution relating the ratio
of the mean normal effective stress to the ultimate bearing capacity (p’/qy) for different
combinations of footing width, surcharge, and material properties including unit weight,
friction angle, and cohesion'. It was determined in his study that the ‘ratio of p’/q,; is

primarily dependent upon ¢’ for friction angles greater than 30 degrees. His expression is
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given as

A= M9 +iM 6+QATIMY9 73
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where pVqut is the ratio of mean normal effective stress to ultimate bearing capacity for
different values of the friction angle. This expression was found to be valid for plastic
materials whose friction angles fall in the range of 20 to 60 degrees. Perkins (1995a)
provides further details on the development of equation 36. The plot of equation 36 is found

in Figure 9.

Figure 9. Ratio of pVqutvs () (from Perkins, 1995a).

Using equation 36, Perkins (1995a) performed a bearing capacity analysis in the

following manner. A particular level of mean normal stress (p’) was assumed, from which
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a secant friction angle (¢’,.,,) could be determined using the strength envelope of the
material. Next, the ultimate bearing capacity (q,,) was solved using a conventional bearing
capacity solution with the computed friction angle, ¢’pear-  The ratio of p’/q,, was ﬁhen
determined using the assumed hvalue of p’, and compared to the ratio given by equation 36
using the value of ¢’ ., computed from the assumed p>. This process was then repeated for
a new value of p’ until the two calculated p’/q,;, ratios converged.

The advantage of using equation 36 is that we have now indirectly accounted for
material non-linearity (i.e., the curvature of the faill;re enveiope).. This has been ‘
accomplished using an iterative procedure to find the appropriate level of mean normal‘stress
(p’) beneath the footing, and corresponding ¢’ .,; to use in the bearing capacity analysis.
Perkins (1995a) found thét, on the average, accounting for material non—linearit}} in this
manner still led to large over predictions of experimental results. It was maintained that this
was likely due to the phenomenon of progressive failure.

The expression developed by Perkins (1995a) will not be used in further analysis here
simply due to the numerical instabilities arising at friction angles greater than 60 degrees.
As seen in Figure 9, at friction angles greater than 60 degrees the ratio of p’/q,, goes to the
negative side leading to the instabilities. For this reason, a new expression for p’/q,, has

been developed and will be presented in Chapter 4.
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Figure 10. Non-linear dependence of qulon B, q, or p.

Scale Effects

Numerous bearing capacity studies performed on sands have demonstrated that the
ultimate bearing capacity (qut) does not increase linearly with either footing width (B) or
surcharge pressure (q), contrary to that predicted by existing classical solutions. This is
illustrated in Figure 10. This observation has been called a scale effect and was recognized
as far back as Colder (1941). As far as the author knows, this scale effect was not widely
recognized until a paper by De Beer (1963). Since that time, the scale effect has been studied
by numerous researchers including Kimura et ah, (1985), Kusakabe et ah, (1991), and
Perkins (1995a) who have confirmed the existence of this scale effect.

One may further observe this scale effect by considering the results of shallow
foundation experiments performed on a dense sand (JSC-1) by Perkins and Madson (1996).
In Figure 11, the normalized bearing capacity (Nyg is plotted against the footing width (B).

The normalized bearing capacity is expressed by
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where qut is the bearing capacity measured in each experiment, B is the footing width, and
v is the unit weight of the sand. As seen in Figure 11, the normalized bearing capacity is
decreasing with increasing footing width. This phenomenon is due to the decreased angle
ofshearing resistance associated with larger footing widths and increased embedment depths,

and is a consequence of the scale effect.
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3000

Footing width (B) (m)

Figure 11. Normalized bearing capacity (Nyg) plotted against footing width (B)
for JSC-1, (from Perkins and Madson, 1996).

The scale effect may be thought to be made up of two components. The first
component is due to the non-linear material behavior observed in many dense sands. This

material non-linearity was discussed earlier and may simply be described as the dependence
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of the friction angle on the mean normal effective stress (p’) within the failure zone of the
soil. Higher mean normal stresses are associated with lower peak friction angles. It has been
speculated that material non-linearity is due primarily to the particle crushing taking place
at the higher levels of mean normal stress. Higher mean normal stresses develop whenever
the footing width (B), surcharge (q), or a combination ofthe two increase. As aresult ofthis
increase in mean normal stress, the peak friction angle mobilized is decreased and qut does

not increase linearly as expected.

I.1517».

(11 Kr.-3 (ID KC-3

Figure 12. Radiograph studies - propagation of shear strains through Toyoura sand at
different load steps for small (FG-3) and large (FC-3) scale footings (from Yamaguchi
et ah, 1976).

The second component of the scale effect is due to progressive failure within the soil
beneath the footing and was first suggested by Muhs (1963). The mechanism of progressive
failure may be best understood by considering the results of radiograph studies by

Yamaguchi et ah, (1976). Figure 12 presents the observed distribution of shear strains taking



39

place in a dense Toyoura sand at different loading steps for both a small-scale surface footing
(FG-3), and a large-scale surface footing (FC-3). As observed, the shear strains developed
under the small-scale footing at peak capacity (Fig. 12 I(b)) are nearly constant along the slip
mechanism. It is therefore reasonable to assume that the angle of shearing resistance
averaged over the entire mechanism at peak load is similar to the peak angle of shearing
resistance (¢’ ... Since this is the case, it is expected that the use of ¢’,,, in the general
bearing capacity equation will lead to reasonable estimations of the bearing capacity for
smaller surface footings. In general, this is not true for larger footings. As seen in Figure 12
II(b), the shear strains developed at peak capacity under the large-scale footing show
considerable variation along the slip line, with the largest strains OCCuning at the bottom of
the footing, and progressively decreasing strains as one moves away frdm the footing.
Yamagﬁchi et al., (1976) demonstrated that the magnitude of the shear strains near the
footing exceeded peak shear strains and correspongied closely to a residual state, where the
actual angle of shearing resistance was closer to the critical state or constant volume friction
angle (¢’,,). In other words, in the region near the bottom of the footing, peak strength had
already been reached and exceeded long before the strength in regions further away had been
mobilized. Therefore, the assumption of constant shear strain and thus, peak shear resistance
along the entire slip mechanism is unacceptable for large footing widths. In these cases, the
use of ¢’ in a bearing capacity solution has the potential to overestimate the bearing
capacity significantly.

It is éxpected that progressive failure within the soil will also become more

pronounced with increasing surcharge (q). Higher mean normal stresses developed as a
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result of surcharge pressure would likely exceed peak shear strains near the footing, leading

to progressive failure.
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Figure 13. Comparison of the scale effect for JSC-I and Inagi sand (from Perkins and
Madson, 1996 and Kusakabe et ah, 1991).

One observation that may be made of the scale effect is that this effect is different
for various materials. This may be seen by comparing shallow foundation experiments
performed with Inagi sand by Kusakabe et ah, (1991), with results from shallow foundation
experiments performed with JSC-1 by Perkins and Madson (1996). This is done in Figure
13 where the normalized bearing capacity, Nyqhas been plotted against the footing width,

B for both the Inagi sand and JSC-1. As seen in Figure 13, JSC-I exhibits a much greater
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decrease in Ny, with increasing footing width t.han the Inagi sand. Material properties
therefore, have a significant impact on the magnitude of the scale effect.

As shown in this section, the §cale effect composed of material non-linearity and
progressive failure can have serious repercussions in regards to the actual bearing capacity
of a given sand. Conventional bearing capacity solutions suffer in that they do not account
for either component of the scale effect. Material non-linearity may be taken into account
indirectly by choosing shear strength parameters appropriate to the stress-strain conditions -
present under the footing. However, progressive failﬁre cannot be adequately accounted for
within conventional solutions, resulting in possible overestimations of bearing capacity. This
uncertaint;l has led to the use of large factors of safety. As discussed earlier, in many cases,
these large factors of safety have led to very conservative designs and hence, larger
construction costs. In Chapter 4, a new design methodology will be pre‘sented to take into

account both material non-linearity and progressive failure.
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CHAPTER 3

MATERIAL PROPERTIES OF STUDY SANDS

Introduction

The purpose of this chapter is to present the experimental work performed by the
author on two sands, as well as to present the material properties and bearing capacity results
accumulated for six other study sands. These results will be used in Chapter 4 to calibrate
the new approach to bearing capacity analysis proposed in this thesis. In this chapter, only
results of experiments perfqrmed on the study sands are presented. Predictions of material
strength properties using Bolton’s equations, as §vell as predictions of bearing capacity will
be presented in Chaptér 4. A total of eight study sands were used and are designated as
follows:

1. MLS-I

2. JSC-1

3. Toyoura Sand
4. Inagi Sand

5. Texas Sandb
6. Ottawa Sand

7. Monterey Sand
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8. Scoria Sand
As part of this work, the author conducted experimental work consisting of a series
of triaxial tests performed on sands | and 2 (MLS-1 and JSC-1) in order to define the
strength and deformation properties of each. This work complemented data from centrifuge
bearing capacity experiments performed on each sand. It should be noted that all centrifuge

test results to be summarized were from concentric, vertical loadings (i.e., no eccentric

loads).

Experimental Work

Grain Size Distributions

ASTM Sieve Sizes
No. 200 60 20 10

too

0.0001 0.01 01
Particle Diameter (mm)

Figure 14. Particle Distributions - MLS-1 & JSC-1, (from Perkins and Madson,
1996).
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" Grain size distributions of the MLS-1 and JSC-1 are shown in Figure 14. The sieve
analysis conformed to ASTM D (421 and 422). As may be observed in Figure 14, both
sands are quite comparable with respect to their grain size distribution with the exception of
the fines content. Approximately 43% of the MLS-1 passes the number 200 sieve, as
compared to 36% for the JSC-1. The coefficient of uniformity of the MLS-1 is 16, while the
coefficient of curvature is 1.1. The coefficient of uniformity and coefficient of curvature for

the JSC-1 are 7.5 and 1.12, respectively. - Both are classified as highly angular, silty sand

with non plastic fines.

Conventional Triaxial Compression Tests (CTC)

In (;rder to define the strength and deformation properties of the MLS‘—. 1 and JSC-1,
a series of isotropically consolidated, drained conventional triaxial compression (CTC)
experiments were performed. These tests were conducted using samples prepared in a dry
state. The triaxial apparatus cor;sisted of a triaxial chamber with a submersible load cell,
volume transducer, axial displacement transducer, and data acquisition unit. The
submersible load cell was used to eliminate shaft friction from axial force measurements on
the sample during testing. Changes in sample volume during shear were measured using a
volume transducer. The trans&ucer operates by measuring ‘the volume of cell water entering
or leaving the triaxial chamber as the specimen shears and changes volume. Cell water
entering or leaving the cell is collected in a cylindrical reservoir consisting of two chambers
sepa;rated by a sealed piston. The LVDT (Linear Variable Differential Transducer) attached

to the piston measures the displacement and corresponding volume change as the test
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proceeds. An axial displacement transducer is used to monitor axial strains in the sample
during testing. Meaéurements from the électronic transducers are recorded using a data
acquisition unit (DAS).

The consolidated drained (CD) triaxial test consists of two stages, a consolidation
stage and a shearing stage. During stage one, the sample is subjected to an all-around
confining pressure (6°,). The level of confinement isﬁ normally consistent with that expected
in the field. Once consolidation is complete, the specimen is sheared. This is done by
subjecting the specimen to an increasing axial load (0°,). During this stage all drainage ports
are left open to satisfy the drained criterion. The results of these tests may be plotted ona
Mohr-Coulomb diagram and a failure envelope constructed. Alternatively, strength

envelopes may be developed in terms of stress invariants p’ and q” given by:
;1 /
)4 =5—(01+203) (38)

q=0,-0, . (39)

The normal stresses are all effective stresses.

Samples approximately 70 mm in diameter by 135 mm in height with fixed, non- A
lubricated end platens were used for the CTC experiments. The specimens were prepared
inside a latex membrane stretched over a rigid mold. The material was placed in four equal
lifts, with each iift compacted to the appropriate denéityl with a small he.md vibrator. A

vacuum was used to maintain sample rigidity while the mold was removed. The vacuum was
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maintained until the appropriate confining pressure was applied inside the cell.

CTC experiments were perf'ormed with the MLS-1 at levels of confining pressure
ranging from 1.7 to 649 kPa. In order to study the effect of different densities (;n the stress-
strain properties of the MLS-1, CTC experiments were performed at the following densities:
1.70,1.90, and 2.20 g/cm?. The highest density (2.20 g/cm 3 corresponds to a relative density
of 100% for this material. It should be noted that the author only, performed tests on the
MLS-1 at the highe;t density (2.20 g/cm®). Perkins (1991) performed a series of CTC
experiments with MLS-1 at densities of 1.70 and 1.90 g/cm?®, corresponding to relative
densities of 28% and 61.5%, respectively. In Appendix A are found the axial strain vs
principal stress difference and axial strain vs volumetric strain response from CTC tests
performed on the MLS-1 at all three densities, where positive vplumetrig strains are taken
as compression. The highest density tested (2.20 g/cm’) corresponds to the density of the
specimens used for bearing capacity experiments discussed later. As may be observed from
the CTC results performed at 100% relative density, the MLS-1 is quite dilative and
demonstrates significant strain softening for all levels of confinement.

Using the C;I‘C results conducted at the highest relative density, strength envelopes
corresponding to peak and residual strength were constructed in p’-q stress space and are °
presented in Figure 15. As seen, thé best-fit envelope for peak strength demonstrates
significant curvature over a relatively small range in mean normal effective stress (p’).
Secant friction angles at peak strength range from 48 to as much as 58 degrees, with the

higher confinements associated with the lower friction angles. These results demonstrate a
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Figure 15. MLS-I - Peak and residual strength envelopes plotted in p’-q stress space
(from specimens compacted to 100% relative density).
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Figure 16. MLS-I - Peak strength envelope plotted in p’-q stress space (from specimens
compacted to 61.5% relative density).



48

Relative Density = 28%

100
p'(kPa)

Figure 17. MLS-I - Peak strength envelope plotted in p’-q stress space (from
specimens compacted to 28% relative density).

significant material non-linearity, with the majority of the non-linearity occurring at the
lower mean normal stress levels. These findings are summarized in Table I, where the
secant friction angles computed from the best-fit failure envelope have been tabulated with
the corresponding mean normal stress at peak strength. As noted in Chapter 2, material non-
linearity is one ofthe major components of the scale effect and causes significant problems
in terms of finding appropriate strength parameters for use in conventional bearing capacity
solutions. This is compounded by the problem that at elevated friction angles, changes as

small as | degree can dramatically change design parameters.
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Table 1. Secant friction angles at various levels of p’ for MLS-1 & JSC-1
compacted to 100% relative density.

Mean Normal Secant friction angle (¢°) Secant friction angle (¢°)
Stress (p°) MLS-1 JSC-1
10 - 58 : 64
40 55 59
625 50 51
1,175 49 50
2,200 48 48

In Figure 15, the residual strength envelope of ;che MLS-1 has also been plotted using
the residual strength levels (i.e., where the curve flattens beyond peak strength) from the
stress-strain curves. As observed in Figure 15, the residual strength envelope is quite linear
with a friction angle of between 42 and 44 degrees. This general trend is consistent with
findings of other studies on sand. These studies have noted that sands will, regardless of
confinement or initial relative density, tend toward the same critical state or constant volume
friction angle (¢’,,). This phenomenon was discussed in detail in Chapter 2. It was further
stated in Chapter 2 that the constant volume friction angle is principally a function of the
mineralogy of the sand in question. This has significance in later discussions.

Figures 16 and 17 present the peak strength envelopes constructed from CTC tests
conducted with MLS-1 at the lower relative densities. While material non-linearity is not as
apparent as with the previous results, there is still some curvature in the failure envelopes.

CTC experiments were also performed on the JSC—i at nine different levels of
confinement ranging from 21 to 700 kPa. The samples were prepared in the same manner

as the MLS-1, with the exception that this material was compacted to a density of 1.78 g/cm*
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Figure 18. JSC-I - Peak and residual strength envelopes plotted in p’-q stress
space (from specimens compacted to 100% relative density).

This density corresponds to a relative density of 100% for this material. In Appendix A are
found the axial strain vs principal stress difference and axial strain vs volumetric strain
response for the JSC-1. Again, many ofthe same trends seen at 100% relative density with
the MLS-I are observed with the JSC-1. At higher confining pressures, the JSC-1 exhibits
slightly more dilation during shear compared to the MLS-I. Strain softening is also apparent
for all levels of confinement.

The secant friction angles at peak strength range from 48 to 64 degrees as determined
from the best-fit envelope, demonstrating again a significant material non-linearity, (Table
1). Figure 18 presents the failure envelope developed for the JSC-1. From Table I, it is
apparent that the secant friction angles at moderate to high values of mean normal stress are

quite comparable between the two sands. As with the MLS-1, the residual strength envelope
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of the JSC-1 is also quite linear with ayﬂiction angle of 4? to 44 degrees.

The peak secant friction angies of the JSC-1 differ somewhat from those reported by
Willman et al., (1995). Willman et al., (1995) reported that the friction angle of JSC-1 was .
45 degrees. However, this value was developed from C;J.“C tests on samples with
considerably lower mass densities (1.50 - 1.65 g/cm?). It should also be noted that this was
a tangent fricti'on angle where a cohesion intercept of 1 kaa was assumed. The results
provi(ied by Willman et al. (1995) also demonstrate little cﬁange in the friction angle with
changes in confinement, contrary to the findings.discussed here. This trend continued even
at the higher densities (1.60 - 1.65 g/em?®). Itis speculated that this is simply due to the fact
that the samples were prepared close to the density corresponding to the critical void ratio.
As noted by Bolton (1986) and discussed in Chapter 2, samples prepared at or above the
critical void ratio ftend toward the same critical state or constant volume friction angle (¢°,,).

Stress-strain curves from the CTC tests performed by Willman et al., (1995) were not

available to confirm this statement.

Centrifuge Bearing Capacity Experiments

In conjunction with the previously described triaxial tests on the MLS-1 and JSC-1,
a series of bearing capacity experiments were performed on these sands using thev,‘centrifuge.
While the author did not perférm these tests, the data accumulated i‘s pertinent to later
discussions and is there‘fére p?esented here. These experimerits are further described by Gui
(1995); Perkins (1995a), and Perkins and Madson (1996).

Briefly, the bearing capacity experiments were performed using the 400 g-ton
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centrifuge located at the University of Colorado at Boulder. The centrifuge consists of an
unsymmetrical rotor arm with a counterweight on one end and a swing platform on the other.
The swing platform carries the test payload and is capable of carrying test loads up to 1.22

m by 1.22 m by 0.91 m in size and 2,000 kg in mass.

Scaling Relationships. Scaling relationships for the centrifuge have been shown to
be valid through both dimensional analysis (Gui, 1995) ’a‘nd by modeling-of—modelé sfudies
(Kutter, et al., 1988). Therefore, an in-depth discussion will not be provided here. However,
the basic premise of centrifuge tests is that a large scale or prototype foundation width may
be modeled by subjecting a model footing to an increased gravity environment. The size of
the prototype foundation width is simply the model foundation width multiplied by the
acceleration level to which the model is subjected using the centrifuge. For example, if the
mode] footing width is 10 mm and is accelerated to a gravity level of 30g, the prototype
footing width ;Nﬂl be 300 mm. Often, centrifuge tests are performed in-lieu of full-scale
bearing capacity tests simply due to the cost involved with full-scale tests. For this reason,

centrifuge tests have become quite popular over the last 20 years.

Experiméntal Set-up. The model foundation experiments performed on the MLS-1
and JSC-1 were done under plane strain conditions such that a strip footing was modeled.
In order to maintain plane strain conditions, the foundation was constructed in five segments.
The three interior segments were of sufficient length (two times the fouﬁdation width) such
that a .plane strain condition existed under the three interior segments. Together, the

foundation had a length to Wid‘;h ratio (L/B) of 7. Model foundation widths of 10, 20, and
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40 mm were used for different experiments. Rotation was allowed for each individual
foundation segment. All experiments were performed with rough foundations. This was
accomplished by gluing sand to the bottom surface of each foundation segment.

The foundation system was loaded through a hydraulic actuator such that load control
experiments were performed. Load w)as measured for the three interior foundation segments
by placing load cells between the segments and the supporﬁng cross-arm, while displacement
was measured by an LVDT for the entire foundation assembly. The experimental

configuration has been described in greater detail by Perkins (1995a).

Specimen Preparation. Both the MLS-1 and JSC-1 were prepared in the sarﬂe
manner with the exception of the density to which they were compacted. The MLS-1 and
JSC-1 were compacted in a dry state to a density of 2.20g/cm3 and 1.78 g/cm?, respectively.
These densities match those used in the triaxial experiments and correspond to relative
densities of 100%. A pneumatically driven ball vibfat;)r attached to a 150 mm square steel
plate was usea in compacting each specimen. A uniform density was achieved by first
placing the maferial in a uniform state by gently vibrlating the material through a sieve
covering the entire specimen container. The lift was then compacted to the appropriate
density by compacting the layer to a lift height line scribed on the sides of the container.

This process was then repeated for each additional lift. Additional details are provided by

Perkins (1995a).
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Figure 21. MLS-I - Bearing capacity results; D=1B.

Experimental Results. A total of nine model foundation experiments were performed
on the MLS-I at different gravity levels to model various footing widths. The model footing
width for all the centrifuge experiments performed with the MLS-I was 20 mm. In order to
study the effect of surcharge, three depths of embedment were modeled, namely D=0,
D=0.SB, and D=IB where B is the footing width. The results of these experiments are
presented in Figures 19 - 21. In each figure, the footing displacement (d) is normalized by
the footing width (B) and is plotted against the vertical stress under the central footing
segment, (i.e., the segment considered to be in a condition of plane strain).

As expected, the peak footing pressure and subgrade stiffness increase with
increasing footing width. However, Perkins (1995a) showed that this increase is less than

that predicted using conventional bearing capacity theories employing a constant friction
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aﬂgle. In other §vords, the bearing capacity factor, Ny, exhibits a significant scale effect.
This observation is a manifestation of the decreasing friction angle with increasing mean
normal stress confinement (i.e., increasing footing width and footing pressure) and has been
noted in other centrifuge studies (Yamaguchi et al., 1976; and Kutter et al., 1988), as well
as in full-scale foundation studies (Kusakabe et al., 1992). This effect was discussed in detail
within Chapter 2. Alternative forms of conventional/bearing capacity theories have been
‘presented by Perkins (1995a) to capture the effect of material non-linearity.. Another method
to capture the effect of non-linear material behavior will be presented in Chapter 4.

As seen in the figures, the peak bearing capacity for the MLS-1 generally increases
only moderately at increased depths of embedment and even decreases in some cases. In
conventional bearing capacity theory, the bearing capacity is assqmed to linearly increase
with increasing depth of embedment due to surcharge effects. Again, this apparent lack of
increase in the bearing capacity may be attributed to the scale effects discussed previously.
One further observation of the results may be made. It appears that as the depth of
embedment increases, the difference between the peak and residual strength becomes less
for all footing widths. In other words, strain—softer‘ling is not nearly as apparent. This may
be attributed to material non-linearity where higher mean normgl stresses are associ,alted with
lower peak friction angles. Therefore, as the mean normal stress increases with depth of
embedment, the peak friction angle is tending towards the critical state. As a result, strain
hardening becomes more pronounced as the depth of embedment increases. It is expected

that at higher depths of embedment there would be no difference between peak and residual

strength.
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Figure 22. JSC-I - Bearing capacity results; D = 0.

A total of twelve bearing capacity experiments were performed on the JSC-1 at
various gravity levels and model footing widths. Only surface bearing capacity experiments
were performed with this material. Four footing widths were modeled. These widths were:
B=0.02 m, B=0.04 m, B=0.34 m, and B=0.49 m. The first two tests were simply small-scale
experiments performed in the 1-g environment. Figure 22 presents the experimental results.
Similar to the results with the MLS-1, the bearing capacity and subgrade stiffness of this
material increase with footing width. It can also be shown that the bearing capacity results
with the JSC-I is less than that predicted using conventional bearing capacity theory. Again,
this may be attributed to scale effects discussed earlier.

A summary of the results ofthe centrifuge tests performed on the MLS-1 and JSC-I

are presented in Table 2.
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Table 2. Bearing Capacity Results - MLS-1 & JSC-1.

Prototype Footing Normalized Embedment Quie

Sand Width (m) Depth (D/B) (kPa)
MLS-1 0.494 0 6700
MLS-1 0.348 0 " 5400
MLS-1 0.109 0 | 1750
MLS-1 0.492 0.5 6620
MLS-1 0.349 0.5 3850
MLS-1 0.108 0.5 . 2740
MLS-1 0.494 1.0 5810
MLS-1 0.352 1.0 4190
MLS-1 0.107 1.0 1470
JjSC-1 0.492 0 4487
JSC-1 0.337 0 2468
jsc-1 0.04 . 0 1292
JSC-1 0.02 0 1140
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S ary of Study Sands

The remainder of Chapter 3 will be devoted to summarizing shear strength data and
bearing capacity results (both centrifuge and full-scale bearing capacity tests) performed by
different researchers on the other six study sands. This discussion will include material

properties and other pertinent information.

Toyoura Sand

Kimura et al., (1985) used the centrifuge to study the bearing capacity of Toyoura
sand. In their experiments rough foundations were modeled. Model foundation widths used
were 20, 30, and 40 mm. All tests were conducted under plahe strain conditions such that
strip footings were modeled. Prototype footing widths modeled varied from 0.03 m to 1.60
m with normalized depths of embedment (D/B) ranging from 0 to 1.0.

The material (Toyoura Sand) was compacted in 10 mm lifts using a vibrator. Each
lift was vibrated for one minute. The resulﬁﬁg dry unit weight of this material was 15.9
kN/m®. The dry unit weight of tﬁis material corresponds to a relative density of
approximately 87%.

The results of the bearing capacity tests are found in Appendix B. In the plots, the
bearing capacity factor (Ny,) has been plotted against another normalizing factor (YBWE),
where E, is Young’s modulus of the parent rock of the Toyoura sand and B is the prototype
width of the footing. E, is taken to be 98 kN/m?. Due to the complexity of accurately back
calculating the ac;cual bearing capacity for each footing width, Kimura (1995) was kind

enough to provide the load settlement curves for each of the tests. These plots are also found




in Appendix B. In the plots, the settlement (s) has been plofted’ agaiﬁst the corresponding
load intensity (q), where B is the model footing width and g is the gravity level to which the

'model was subjected. Using the plots, Table 3 was assembled summarizing the results.

Table 3. Bearing Capacity Results - Toyoura Sand.

60

Prototype Footing Width (m) Normalized Embedment Qe
Depth (D/B) (kPa) |
0.03 0 133 |
0.60 0 1727
1.20 0 . 2188
0.03 0.5 235
1.20 0.5 3924
0.03 1.0 387
0.04 1.0 442
0.80 1.0 3689
1.20 1.0 3630
1.60 1.0 4660

Fukushima and Tatsuoka (1984) performed a series of triaxial tests on the Toyoura
sand at relative densities of approximately 34 and 75 percent. The results of these tests are
found in Appendix A and are presented as smooth curves with the friction angle at peak
strength plotted against the effective minor principal stress. Fukushirﬁa and Tatsuoka (1984)
provide a detailed explanation of the test procedure followed. Using the plot, p’-q diagrams

for both relative densities were constructed and are shown in Figu\res 23 and 24.
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Figure 23. Toyoura sand - Peak strength envelope plotted in p’-q stress space (from
triaxial tests conducted at 34% relative density).

2000 . )
— live Density =745 0
1500 6
S 1000
500
0
0 200 400 600 800 1000 1200

p'(kPa)

Figure 24. Toyoura sand - Peak strength envelope plotted in p’-q stress space (from
triaxial tests conducted at 75% relative density).
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Figure 25. Toyoura sand - Peak strength envelope plotted in p’-q stress space (from
plane strain tests conducted at 61% relative density).

In addition to the triaxial results, Tatsuoka et ah, (1986) performed a series of plane
strain compression tests with Toyoura sand compacted to a relative density of 61%. The
results of these tests are, presented in Appendix A, where the principal stress ratio has been
plotted against the axial strain. Tatsuoka et ah, (1986) provide details on the procedure
followed in performing these tests. Using the plane strain data, a third failure envelope was

developed and is shown in Figure 25.

Inaui Sand
Kusakabe et ah, (1991) performed a series of bearing capacity tests using the

centrifuge with a dry Inagi sand. In their experiments both circular and rectangular footings
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were modeled. The width of the rectangular footings modeled ranged from 0.03 to2.70 m,
with aspect ratios (L/B) of 3 and 7, respectively. Only surface footings were modeled. The
following model footings were used in these experiments:

circular footing :
30 mm diameter (L/B=1)

-rectangular footings
30 mm wide x 90 mm long (L/B=3)
15 mm wide x 105 mm long (L/B=7)
Rough footings were modeled by gluing sand particles to the base of the footings. During
the course of the tests the foojcings were allowed to both rotate and move horizontally.

The material was prepared by allowing the sand to freely droi) 0.8 meters into a
rectangular box. Preparation in this manner resulted in an average unit weight of 16.474
kN/m? corresponding to an average relative density of 81.8%. K}lsakabe et al., (1991)
provide a detailed description of the test procedure.

The resuits of the centrifuge tests with the ‘Inagi Sand are shown in Appendix B. In
each graph, the normalized load intensity (Ny) has been plotted against the ndrmalized
settlement (S/B), where S is the settlement anci B is the footing width. Aspect ratios of 1, 3
and 7 were modeled. The curves in each graph represent the gravity level to which the

model footing was subjected. It should be noted that an aspect ratio of 1 corresponded to the

circular footings. ‘Using the plots, Table 4 was assembled summarizing the results.
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Table 4. Bearing Capacity Results - Inagi Sand.

Prototype Footing Width  "Aspect Ratio = Normalized Embedment 'iqulti

or Diameter (m) L/B Depth (D/B) (kPa)
0.03 1 | 0 67
- 0.90 1 0 1149
1.80 1 0 1705
2.70 1 0 2223
0.03 3 0 91
0.90 3 0 1705
1.80° 3 0 2520
2.70 3 0 3558
0.015 7 0 77
0.45 7 0. - 1297
0.90 7 0 2298
1.35 7 0 2446

» - Kusakabe et al., (1991) also performed a series of drained friaxial compressions tests
on the Inagi sand. These tests were conducted at conﬁﬁements ranging from 49 to 686 kPa.
The resulting secant friction éng’le at f;.iiure .assuming zero cohesion was plo‘;tted against thé

‘mean principal stress at failure (p’p) for a relative density of 80%. This is shown invAppendix
A. A regression curve was th;an fit to the data to describe the change in friction angle with

mean principal stress at failure. This expression is given as

b=41.8 ~2.Slog(£’f) (40)
- p, :

where p; = 98 kPa and ¢ is in degrees.

Using this data, Figure 26 was constructed for the Inagi sand.
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Figure 26. Inagi sand - Peak strength envelope plotted in p’-q stress space (from

triaxial tests conducted at 80% relative density).
Texas Sand

Briaud and Gibbens (1994) presented the results of a series of full-scale load tests

performed on a sandy soil which, for the remainder of this thesis, will be referred to as Texas
sand. The results were part of a Prediction Symposium sponsored by the Federal Highway
Administration at the Settlement ‘94 ASCE Conference held at Texas A&M University. The
symposium was established in order to evaluate different design approaches for spread
footings placed on granular soils. Data on the sand, as well as the full-scale spread footings
to be tested was made available to all interested parties as a part of the Prediction
Symposium. The data was used to predict the behavior of the footings on the Texas sand.

These predictions were then compared to the measured behavior from load tests. Data made
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available from the symposium has also been used in this research.

Five fuli;écale spread footings were load tested fo£ this symposium. The spread
footings ranged in size from approximately 1x1 m to 3x3 m and were load tested to 150 mm
of vertical displacgment. The normalized embedment depths (D/B) of the spread footings
ranged from 0.25 10.0.72. Bria?d and Gibbens (’1 994) provide'a detail’e& description of the
procedure used for loading t‘he footings.

In order to characterize the properties of the sand deposit, a detailed site investigation’
was qonducteq. Testing performed included CPT, pressqremeter, and triaxial tests. The s‘ite'
investigation revealed a predominate sand layer frofn 0 té) 11 metefs, below Wﬁich‘a clay
layer existed to a depth of approximately 33 meters. Groundwater wasvlocated at a depth of
4.9 meters. The average moist unit weight of the sand was 15.4 kN/m?, and the average in-
situ relative density was approximately 55%. The relative density was estimated frprﬁ CPT
values and SPT data. |

Results from the fuli—scale loa& tests performed on the sand are included in Appendix
B. Ineach curve, the ‘load-ihas been plotted against the settlement (S). 'Since aﬁ five footings
- demonstrated strain hardening characteristics; (i.e., o peak load), a value for the peak
bearing capacity had to be chosen at some level of settlement. Rather then choosing the load
at the final displacement of 150 mm for ail the footings, it was felt that a more logical choice
would be to use the load aséociated with a constant normalized settlement (S/B). Since a
displacement of 150 mm corresponded to a normalized settlement (S/B) of 0.05 for the
largest féotings, thié valu‘el ‘was chosen as the normalizéd settlement associated with peak

strength for all thé footings. Table 5 summarizes the bearing capacity data for the Texas
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sand.

Table 5. Bearing Capacity Results - Texas Sand.

Footing No. Length x Width Normalized Embedment Qit
(m) Depth (D/B) (kPa)
I N. Footing 3.004 x 3.004 0.25 1136
2 1.505 x 1.492 0.51 1069
3 S. Footing 3.023 x 3.016 0.29 973
4 2.489 x 2.496 0.31 1062
5 0.991 x 0.991 0.72 1120
1000
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Figure 27. Texas sand - Peak strength envelope plotted in p’-g stress space (from
triaxial tests conducted on reconstituted samples at 55% relative density).

In order to characterize the shear strength of the sand, consolidated drained triaxial

tests were performed on reconstituted samples. The samples were reconstituted in such a
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manner as to match the estimated in-situ relative density of 55% and water content of 5%.
The samples were prepared by ligh‘; tamping in small layers. Tests were conducted on
- samples taken at depths of 0.6 and 3.0 meters. ‘CTC tests ;Nefe performed at threé d‘if.f'erent o ’
confining pressures: 34.5 kPa, 138 kPa, and 345 kPa. Thé results of the triaxial tests are

given in Appendix A, with the p’-q diagrams constructed from these plots presented in

Figure 27 above.

Ottawa Sand | -

Aiban (1991) used the centrifuge to perform a number of bearing capacity
experiments on an F-75 series Ottawa sand. In his experiments, a 38 mm wide footing was
accelerated ;[0 a'.vgra‘vity level of 36-;; sucﬁ that a prc;totype footing width of 1.14 meter‘sy waé
modeled. Normalized depths of embedment (D/B) of the footing ranging from 0 to 1 were
sfudied. The model footings were constructed of aluminum and consisted of three segrrients.
The outer twlo segments had lengths of 38 mm each, while the inner segment had a 1@ngth
of 51 mm for a total length to width ratio (L/B) of 3.67. In his thesis, Aiban maintains thét
the length to width ratio was sufficient to maintain plane strain conditions under the central
footing such that a strip footing was modeled.- Sand glued to the bottom of the footing
simulated a rough footing. .Rotatiqn of the footing was allbWed during the course of the
experiment. Aiban (1991) presents a detailed explanation of the test procedure.

The material was prepared by allowiﬁg the sand to freely drop into an éluminum
container from a hopper. The drop height was approximatély 762‘mm. The resulting relative

density was approximately 88%, which, according to the thesis, is the maximum density that
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can be achieved without vibration. The relative density corresponds to a density of
approximately 1.80 g/cm’, estimated from the maximum and minimum void ratios for
Ottawa sand.

Table 6, Bearing Capécity Results - Ottawa Sand.

Prototype Fooﬁng Width  Normalized Embedment Quit
(m) Depth (D/B) (kPa)
1.14 0 2247
J1.14 ' 0 2127
1.14 1/6. 2950
.14 B ' . 3280
1.14 Y% 4040
114 213 4380
1.14 516 4980

1.14 ' 1 5450

The results of the centrifuge tests performed oﬁ the Ottawa sand are given in
Appendix B. In the graph, the normalized settlement (S/B) has been plotted against the
average vertical stress under the central segment for the 1.1‘4 m wide footing, where each
curve represents a different embeciment depth. Table 6 sﬁmmarizes the bearing cébal:ify data
for the Ottawa saild; |

Aiban (1991) also performed a series of conventional triaxial compression (CTC)
tests in order to characterize thqshear strength of fhe.Otta\*/a saqd. The tests were conducted
at confining pressures of 69, 138, and 207 kPa, .the results of Which) are presented in
Appeﬁdix A. In addition, Schipporeit (1988) also conducted a series of CTC tests on Ottawa
sand. His results are also preéented‘in Appendix A. A best-fit faiiurfa gr;velope was fit to the

data given by Aiban _(1991)' and Schipporeit (1988), and is presented in Figure 28. '
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Figure 28. Ottawa sand - Peak strength envelope plotted in p’-q stress space (from

triaxial tests conducted at 88%o relative density).
Monterey Sand

Kutter et ah, (1988) presented the centrifuge test results of concentric loading of

circular surface footings on dry, dense Monterey 0/30 sand. In their study, model footing
diameters of 50.8 and 38.1 mm were accelerated to levels of 18.75, 25, and 50 g such that
prototype footing diameters of 0.96 and 1.90 meters were modeled. Once the appropriate
acceleration level was reached, an electric motor was used to push the model footing into the
sand at a rate of 2 mm/min. In addition, a small scale test was conducted in the 1-g
environment using the 50.8 mm diameter model footing. The model footings consisted of

aluminum discs with sand glued to the bottom simulating a rough footing. Rotation of the
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footing was allowed in only one test (BS-5), while in the remaining tests the foundation was
ﬁrevented from rotating. Kutter et al., (1988) providc;s' fuﬂ:hef details on ’[hé procedure used.

Kutter provides very little in terms of a description of the procedure used in preparing
the material. According to the paper, the relative density of the Monterey sand was between
93 and 95 percent for all the tests conducted, corresponding to void ratios of 0.55 to 0.56. .
Using data provided in the paper, the dry dénsity was cpmputed to be approximately 1.66
g/em?’.

The results of the bearing capacity experiments performed on the Monterey sand are
given in Appendix B. Using the results, Table 7 was assembled summarizing the bearing

capacity results.

Table 7. Bearing Capacity Results - Monterey Sand.

Test Prototype Footing " Normalized Embedment Quit
Diameter (m) Depth (D/B) (kPa)
BS-1 10.9525 0 2060
BS-2 1.905 0 3045
BS-3 0.9525 0 2012
BS-4 0.0508 0 227
BS-5 1.905 0 3087

Kutter et al., (1988) also provided a plot of the mean normal s£ress at failure (p’)
versus the peak friction angle gathered from 6onventional triaxial compressiqn (CTC) tests
performed on dense Monterey sand. This plot, as well as stress-strain curves from the CTC
tests performed by Abghari (1987) with the Monterey sand are provide“d in Appendix A. The

density of the sand used in the CTC tests matched that used in the centrifuge tests. Using the
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data, a peak strength envelope was constructed for the Monterey sand and is presented in

Figure 29.
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Figure 29. Monterey sand - Peak strength envelope plotted in p’-q stress space
(from triaxial tests conducted at 93% - 95% relative density).

Scoria Sand

Kusakabe et ah, (1992) presented the results of full-scale loading tests of square and
rectangular footings placed on naturally occuring deposits of extremely dense Scoria sand.
The deposits were located near Mt. Fuji and Mt. Hakone in Japan. Scoria sand is a granular
material normally associated with volcanic activities. All loading tests were performed in
the base chamber of a caisson with dimensions of 16 m in diameter by 23 m in height.
Loading tests were conducted at levels of 11m, 14m, and 18m below ground surface. These
three elevations are referred to as A, B, and C ground in the paper.

The footings were constructed of rigid steel frames placed on the ground level within
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the caisson. A rough condition at the footing base was simulated b); pouriﬁg a layer of.
mortar on the gro;Jnd surface before placemént of the foéting. Loading ;>'f th¢ footings vvaé‘ )
accomplished usirig hydraulic jacks.

" During the loading tests, the ground water level was held at the ground surface.
Drained conditions during each test were maintained by applying the load‘in steps, with the
applied force held constant for 15 minutes to 'gllow excess pore water pressure to dissipate
before application of the next load step. The 15 minute time limit was established by
pérforming permeability tests as well as by using finite element analysis. Kusakabe et al.,
(1992) pr;)vide further details on the broceduie used.

In order to characterize the physical propelrties of the Séoﬁa sand, a series of tests
ranging from particle size analysis to relative density were performed at each ground level.
The pertinent data from each ground level is summarized in Table 8. I£ should be noted that
ythe in—situ reiative densities are very hlgh (between 120 and 140 percent). This can likely be -
attributed to the high a.moﬁnt of ‘preloa'lding that may have occurred in the material’s ge\ologic
. past, as well as from cyclic loadipgs ciue to earthquakes in this region.

Table 8. Physical Properties of Scoria Sand.
(from Kusakabe et al., 1992).

Ground Relative Density' Saturated Unit Weight
Level L Yt (N/m’)
A 137.5 ‘ 17.75
B .- 1208 1863
C 1271 17.75

Results from each of the load tests are provided in Appendix B. In the plots, the load
x . ‘ .
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(@) has been plotted against the normalized settlement (S/B). As with the Texas sand, strain
hardening is apparent for all the tests. The strain ‘hardening taking place in the load tests is
rather unusual. In most cases, very dense samples will exhibit strain softening characteristics
when loaded. It is noted that this apparent di.scre;pancy cannot be explained at this time.
Since there was not a peak load.associated with each test, a value of uitimate bearing capacity
had to be chosen. It was felt that choosing the ultiﬁate bearing capacity at normalized
seﬁlerﬁents (.S/B) greater than 0.3 would not be _reaﬁstic. The ultimate bearing éapacity was
therefore defined as the load associated with a normalized settlefnent (S/B) 0£0.10. In mostv
cases, the load intensity-settlement curves beyond this peint become essentially linear and
quite flat, making the choice of 0.10 reasonable. The results of the loading tests are

summgrized in Table 9.

Table 9. Bearing Capacity Results - Scoria "Sand.

Ground Level Test Case Lengthx Width  Normalized Embedment '/ Quie

(m), » ‘ Depth (D/B) (kPa)
A VI, 03x0.3 o 6667
A v 0.7x0.7 0 9300
B VI, ~03x03 0 8400
B I 0.4x1.20 0 7143
B I 0.4x 0.4 0 8100
B 11 0.4x2.00 0 6500
C VIIL, 0.3x0.3 0 7500
C V. 130x130 0 9400

In conjunction with the load tests, Kusakabe et al., (1992) also performéd a series of

consolidated, isotropically drained (CID), conventional triaxial compression (CTC) tests.
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The tests were conducted on undisturbed samples of Scoria sand taken from the test site.
Undisturbed samples were taken by first freezing the samples, then cutting out blocks 0.4 m
in length by 0.3 m in width by 0.3 m in height using a diamond cutter. The blocks were then
brought into the lab for testing.

Triaxial tests were performed at confinements ranging from 19.6 to 4700 kPa. The
results of these tests are presented in Appendix A. It should be noted that this material
demonstrates a high degree of non-linearity, with secant friction angles ranging from 36 to
as high as 64 degrees at the lowest confinements, the most of all the study sands. In addition,
there is an appreciable amount ofapparent cohesion which can likely be attributed to the high
degree of particle interlocking that was observed by the researchers. Using the triaxial

results, the following p’-gq diagram was constructed (Figure 30).
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Figure 30. Scoria sand - Peak strength envelope plotted in p’-q stress space (from
triaxial tests conducted at approximately 118% relative density).
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Conclusion

Ijsing the previously described material properties and bearing capacity results from
all eight s;cudy sands, a design methodology will be presqnted in the next chapter for
estimating the‘ bear(in|g capacityr of sands. The approach will account éeparately for bothl
components of the scale effect, namely, material noh—linearity and progressive failure. The
approach will ut-_ilize dilatancy and strength relationships proposed by Bol;ton (1986) and
discussed in Chapter 2. ‘This squtiqn will eliminate the need for extensive triaxial testing
in order to defme peak strength friction angles, making subsurface e‘xplorat’ion‘and ensuing

material property evaluation much simpler.
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CHAPTER 4
DESIGN PROCEDURE FOR BEARING CAPACITY ANALYSIS
Introduction

The purpose of Chapter 4 is to present a design procedure for estimating the bearing
capacity of a sand. As discussed in Chapter 2, conventional solutions to bearihg capacity
problems predi(:,t that the ultimate bearing capacity, q,, will increase linearly with footing
width (B) as well as with embedment depth. Perkins and Madson (1996), Kusakabe et al.,
(1992), and numerous other researchers have demopstrated this not to be true. This
observation has been attributed to a so-called scale effect and was first recognized by Golder
(1941). A significant portion of Chapter 2 was devoted to the discussion of this
phenomenon. The new design methodology to be presented in this chapter will account for
this sqale effect.

Two components make up the scale effect. The first component is due to material
non-linearity, simply described as the dependence of the peak friction angle (¢’ ;) on the
level of mean normal effective stress (p’) beneath the footing. Higher levels of p’,
corresponding to larger footing widths and/or increased embedment depths result in
decreased values of thie friction angle. Overall, it m’z;y be said that the relative density (Ip),

mean normal effective stress (p), and strain restraint condition will affect the magnitude of




.be known to determine ¢’
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this scale effect. The second component of the scale effect is due to progressive failﬁre "

within the material failure zone beneath the footing. As discussed in Chapter 2, progressive

failure occurs whenever a non-uniform distribution of shear strain develops within the zone
of failure. In general, the degree to which a non-uniform distribution of shear strain develops

increases as p’ increases, corresponding to larger footing widths and/or increased embedment

depths. Larger shear strains occur at points closest to the bottom of the footing, and slowly

migrate outwards along the slip surface. As.a result, the average angle of shearing resistance

changes along the failure surface, with zones closest to the footing tending toward the critical

“state or constant volume friction angle (¢’,,). The combination of material non-linearity and .

progressive failure results in a reduced bearing capacity when compared to predictions using
a given peak friction angle taken at a moderate level of p’.

To éccount for the ﬁfst compopent of ’Fhe scale effect, material noﬁ-l‘inearity, a means"
of déscribing ¢’ a appropriate to the footing configuration to be analyzed is required. This
in turn suggests that the level of mean normal effective stress (p’) beneath the footing must

peako @5 Well as a means of correcting ¢’ ., for the particular strain
restraint condition of the footing. In cases where axisymmetric or triaxial strain conditions
exist beneath the footing, ¢’ .., is simply equal to ¢’,,, where the subscript 7c denotes triaxial

compression. In contrast, plane strain conditions beneath the footing suggest the use of a

plane strain friction angle ¢’ ,, where the subscript ps denotes conditions of plane strain. In

cases of intermediate strain conditions, the peak friction angle (¢’ ..,) may be taken as being ‘

linearly dependent upon the relative distance between triaxial and plane strain conditions.

Using ¢ peuc corrected for the strain restraint condition, the ultimate bearing capacity (q.pea)
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may be determined through the use of the conventional bearing capacity equation. We
therefore require émethod of finding the peak friction angle. ¢’ pear may‘ be détennined by
either using the actual failure envelope of the material, or by using relatic;nships déveloped
by Bolton (1986) relating‘ the strength and dilatanqy characteristics of sands. These
relationships were discussed in Chapter 2. |

Thg essential ingredients in determining ¢’ using the actual strength envelope is
as follows. The peak strength envelope of the material must first be established. This mf;y
be done using results from conventibnal triaxial compression (CTC) or plane strain tests
performed on the material. It is noted that these tests sh<_)u1d be performed at the samé
relative density (I,) as the; soil found at ;the_ sité. Once the failure envelope has be‘eﬁ |
established, ¢’ ., may be determined knowing the level of mean normal effective stress (p’).
beneath the footing. Ié‘nowiné the constant volume friction angle (¢’,), the peék frictidﬁ'
a.ngle‘(d)’peak) can then l.ae corrected for the particular strain restraint condition exisﬁng
beneath the footing. This is accomplished using certain rglationships proposed by Bolton
(1I986). Finally, this corrected peak ﬂiCtion angle is use;d within the bearing capﬁcity
equation to compute the ultimate bearing capacity (qyy pear)- |

The above described method. to acéount, for material non—linearity ¢an be greatly .
simplified using éxpressions developed by Bolton (1986) which relate tﬁe strength and
dilatancy of sand. These equations were described in Chapter 2. The expressions will‘ allow
for the determination of ¢’ ., for use in thé béaring capacity equation; given ‘knowledg'e of
the relative density (Ip) and constant volume friction angle (¢’_,) of the sand, as well as the

strain restraint condition beneath the footing. This will therefore eliminate the need to define -
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the strengfh envelope of the material in the laboratory.
An abbreviated discussion of these expressions is as follows. The relative dilatancy - -

I

index (Iy) is computed as

I,=1,(Q -Inp" -R | L@,

where Iy simply describes the dilatancy characteristics of the material, and is dependent upon
the relative density (I) and mean normal effective stress confinement (p’). Q and R are
‘empirical constants describing the strength broperties of the ma?erial,l and in most cases may
be taken as 10 and 1, respectively. The relative dilatancy index (Iy) may be related to the

peak friction angle (¢’ ) by the following

(b;lzeak - d)év ZAJR ‘ (42)

where (‘b"c‘, is the cogstant volume friction angle. The cpnstant A ranges from 3 to 5
depending upon the strain restraint condition, with 3 éorresponding to conditions of triaxial
strain and 5 corresponding to conditions of plane strain. It may therefore 'l?e said that I, also
describes the amount by which the peak friction angle exceeds the ‘co,ns%fant volume friction
angle for a particular strain and mean normal ‘stress condition beneath the footing. Using
equétions 41 and 42, it is therefore possible to determine the péak friction angle (¢’ ) for
use in the bearing capacity equation.

S

As suggested by the previously described methods to calculate ultimate bearing
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‘capacity, in order to determine a peak strerigth friction angle (@ peatd)s 2 velﬁe of p’
appropriate to tﬁe footing to be analyzed must be compuuted.‘ in general, it is expected that
the average mean normal effective stress (p’) beneath a footing will increase with footing
width and depth of embedment. As discussed in -bhapjter 2, Meyerhof (1948) and De Beer
(1 967) both proposed equations relating the averege nermal effective stress on the plane of
failure (07,,,) to the ultimate beering capacity of the fooﬁng (9 ). It was further stated in:
Chapter 2 that these eqﬁations would ﬂot be used due to the lack of information c’oncerning :
‘th‘eir develepment. Also discussed in Chapter 2 was an equation developed by Perkine
(1995a) relating the retio of p’/q, to the frictiop angle ((i)’): Th1$ expressioﬁ was developed
strictly from classical plasticity theory using a slip line solution. It was further stated within -
the section that this equation would not. be used due to numerical instabilities at high friction
angles. In a later section, a new equetion will be bresegted which uses non-linear limit
piasticity to relate p’/qu!t to an appropriate peak friction 'engle (@’ o)

Unfortunately, slimply accounting for the scale effect due to materi‘al‘non"-,linearity
using a ¢’ ., appropriate to'the footing still results in significant over predictions of ultimate
bearing capacity (Perkins 1995a). This may be attributed to the second component of the
scale effect, progressive failure. Progressive failure may be accounted for by the
development of an index of progressive faileie (Ipg). The I, describes the relative distance
of the predicted bea.rihg capacity between that associated with peak (q, pear)> and constant
voluime (q,,.,), determined esing the strength p'arameters } peac a0 B’ respectively. For
example, if the I,; ie equal to 1 then qes = Gy peato while Qpred = Guirev 1f the Ipg is equal to 0.

Itis postﬁlated that the I is simply a function of the relative dilatancy index (Ig), where I
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describes the state of the soil subject to a certain level of mean normal effective stress (p°).
This is maihtained since both I and progressive failure are functions of footing width and
embedment depth, both of which influence p’. Developlgnent of | a curw;fe describing
progressive failure will be perfon}led in a later section. |

‘The balance of Chap'ter 4 will be‘ de"vvoted to the preséntati'on ‘ éf a new design
methodology to estimate the bearing capacity of silallpw four;dations on sand, using Bolt'on’s_
equations to’account for material non-linearity, and an index of progressive failure (Ipg) to
account for progressive failure. The results of this analysis will be compared to predictions
made using the actual failure envelope of each material. The purpose of fhis‘ is to examine

any errors introduced through simplifications associated with the use of Bolton’s equations.

The Bearing Capacity Equation

A simplified form of the general bearing capacity equation presented in Chapter 2

was used for all predictions of bearing capacity in this chapter. This equation is given as

1 ! ‘ 1
qult:qu +;YBNY (43)

where N, and Ny are bearing capacity factors determined using eciuaﬁons presented in
Chapter 2 (qu. 2;1 and 25). B and q are thf: footing width and surcharge pressure at the
“bottom of the footing. v is the unit weight of the ,soi’lv.. It s‘hoﬁld be no;ged that the cohesion
term (¢”) is assumed to be equal to zero and a secant friction angle is used. It is further noted

that this solution does not incorporate depth factors (F 4 and Fy,), which account for extra
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shearing resistance developed above the base of the footing. Additionally, shape factors are
not used in equation 43 since the design approach already utilizes a correction for the strain
restraint condition beneath the footing. It should also be noted that the surcha¥g<3 (@ is .
computed at the original base of the footing (i.e., no correction is made for additional
surcharge as the footing peﬁetrates into the soil).

Modifications are made to account for the reduced bearing capacity in cases where
the groundwater is within the influence zone of the footing, as was the case in the full scale
tests performed with the Scoria sand. The groundwater level was maintained at the grouﬁd
surface for these experiments. In cases where the groundwater table is wiﬂﬁn the zone of
influence of the footing, modifications in y are required to account for the; fact that the
buoyant unit weight is thé ‘only unit weight developing normal effective stresses along the

slip plane. The modifications result in a reduced bearing capacity. The methods used to

account for the influence of the water table followed those recommended by Das (1990).

Prediction of g,y ., using Bolton’s Equations

As discussed previously, the désign approaqh proposed using Bolton’s equations to
evaluate bearing capacity will account for material non-linearity knowing the constant
volume friction angle (¢’,,) and relative density (I,) of the sand, and the strain restraint
condition existing beneath the footing. The solution process incorporates the following

steps.

First, the relative dilatancy index (Iy,) is determined using
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1,=I,(Q-InpH-R (44)-

v;/here I is the relatjve aensity of the material, and p’ is the mean normal effective stress
level appropriate to the footiné. | Q and R are empirical constants describing the strength of*
the material. In lieu of actual strength data, B‘olxton suggested setting Q and R equal to 10 and
1, respectively. It is noted thai p’ must be assumed iﬁtially and tﬁerefore, determination of
the ultimate bearing capacity (Quttpeatd) Will be an iterative process. |

Opce Iy is determined, the peak friction angle (¢’ ;) for use in the bearing capacity _
analysis is determined knowing the strain restraint condition beneath the footing. The strain
restraint condition is simply based upon the length-to-width ratio of the footing (L/B). For
example, an L/B = 1, cprresponds to a square or- circular footing,’ while an L/B = 7
corresponds to a strip footing. The equations for det’(éﬁnihing ¢’ ax are given as

For plane strain conditions (L/B > or = 7)

B8, =51, o | )
For triaxial conditions (L/B =1)

¢{,mk~d>£v=3{R_ S 6)

where ¢’_, is the constant volume friction angle and may be determined experimentally by
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a simple triaxial test performed onla loose, reconstituted sample. Altemafively,‘ ¢, maﬁr be
assumed knowing the predomipa& sand mineral type siﬁce ¢’,, is primarily a function of
mineralogy. For strain conditions between plane and triaxial strain, (i.e., I <L/B<7),a
linear ratio between 3 and 5 1s used in the equation to describe theh intermediate strain
condition present.

Next, the peak bearing capacity (qy.pea) 18 corﬁputed from equation 43 using ¢’
determined brevi‘ously. The bearing capacity fac;cops (N, and Ny) L}S'ed in the bearing
capaci;cy equation are \aetenﬂined ﬁsing equations 24 and 25 from Chapter 2. va appropriate,
modifications of the soil’s unit weight (y) should be made here to account for the influence .
of the water table.

As noted previously, a;part_icular level of mean normal effective stress (p’) is initially
assumed beneath the; footing in order to cbmpute Quit-peak+ 111 OTdeT t0 find p’ appropriate to
the footing being analyéeci, an -expression is req1'1ire“d that ;elates the ratio of the average
mean normal effective stress developéd and resulting bearing 'capacify of the footing (p’/q,.),
to the friction angle (¢”). A non-linear limit plasticity solution was used to develop such an
expression fpr p’/qy. The non-linear limit plasticity slolution was used to find the normal
stress (0°) at various points along an assumed mechanism of collapse. The average normal
streés (0°,,g) along the slip line Was then found by summing individual contributions (i.e.,

. normal stress multiplied by the confributory‘ length), and dividing by theé total length of the |
slip surface. Next, tﬁe ;Verage mean normal effective stress (p’) beneath the footing was
determined by assuming the inte@ediate strt;ss (0°,) was equal to the average of the principal

stresses, 0°, and 0’;. Ratios of p’/q,, were then generated for various linear friction angles,
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with the following best fit curve being obtained

p ! =3.1e -0.073¢/

47
qult ( )

/

where ¢’ is in degrees. Perkins (1995b) discusses the use of non-linear 'l’imit plasticity theory.
and its applicatiqn to bearing capacity preéiétions. |

The next step in ’;he analysis is to cc;mpute‘ the ratio Of p’/qy. pen USING the assumed
p’ and calculated Gy, .- This value is then compared to that given by equation 47 above
using the value of ¢’ .. A new value of p’ is then assumed and the process repeated until
the two Vyaluesvof P’ /Gy converge. As will bé shown later, the predictions of ultimate bearing

- capacity (qyy pear) based oﬁ peak strength friction éngles are, for the most part, in excess of
the experimenw\l values. Therefore, the next step in the analysis will be to account for
progressive failure.

Oncé Quit-peak N2S been defermiﬁed, the ultimate bearing capacity associatéd with the-
critical state (Quirey)» 1S computed using a linear friction angle equal to the C(;nstaﬁt volume
friction angle (¢’,,). Knowing q; pea a0d qyy.y» the predicted bearing capacity can then be
determined using the index of progressive failure (I,z) developed in the next section.

Since an iterative process is involved in dete@ining p’ and coﬁeéponding' d)’p;ak
appropriaté to the problem, a complter program was written:in Fortran to facilitate the
solution. This program is presented .in Appendix D. In general, one simply inputs the
following parameters: Q, R, relative dénsity (Ip), ¢’ and the denéity of the sand (p), as well

as the size and embedment depth of the footing. The program then outputs the peak friction
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angle (¢’ a0 appropnate to the problem, the bearing capa01ty associated with ¢’ ., and ¢’
(Quit-peak A0 Gyre.cy)5 and the relat1ve dilatancy index (Iy). |
At this point, little has been said concerning the choice of Q and R for each of the
study sands. As mentioned previously, Bolton (1986) suggested setting ‘Q and R equal to 10
and 1, respectively, in the absence of sufﬁpient strength data. lﬂ;br tﬂe purposes of this
research, it was decided to evaluate the error associated with choosing Q=10and R=1. In
order to study this‘; strength envelopes developed from Bolton’s equations were compared
to strength enveldpes deveioped strictly from the; triaxial or pla'ne strain data provided for
each study sand. The failure envelopes were compared by plotting ¢’ ., - ¢’ against mean
normal effective stress (p’). Failure envelopes using Bolton’s equations were developed by
first computing I, (eq. 44). over a range of p’ for relative densities rna.tching those used in "the‘ '
. actual strength tests. The value of (b,peak -, was thep computed over the full range of Iy
for‘ the assumed ¢’ ,, using either equation 45 or 46 dep'en(‘iing .upon the type of strength test
Bolton’s predictions were being compared to (i.e., 'triaxial or plane strain). The value (l)’l',eak -
¢, was then plotted against the corresponding p’. In order to develop the failure eqvelope
using the actual strength data, the secanlt friction aﬁgle was computed over a range of p’ using
the p’-q failufe envelopes created using strength data _I;rovided for eac;h study sand. The p’-q
curves were pres}entc;d in Chapter 3. qu the assumed ¢’,, the value of ¢’ ., - §’,, was next
determined over the ﬁlll range of p’. This plot was th‘en ;:ompared to the plot generated using

Bolton’s equations for each of the study sands. These graphs are presented in Appendix C.
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Table 10. Assumied material properties of study sands.

Sand Q R ¢, Mineral Type- 1, (%) o (gfem?)
MLS-1 10 1 41  feldspar 100 22
JSC-1 10 1 41  feldspar 100 1.775

Scoria sand 11 0 38 NA Level A-137.5 Level A-1.81
. Level B-120.8 Level B-1.90 .
Level C-127.1 Level C-1.81

Toyowasand 10 1 34  NA 87 162
Inagisand 10 1 36 NA 81.8 .. 168

Monterey sand 10 1 36 NA 95 - 1.66
Texas sand 10 1 32 NA 55 ‘ 1.57
Ottawa sand 10 1 33 silica quartz 88 1.80

Table 10 presgntsl the nﬁatgria‘l propefties assumed for each of the study sands. For
the majority of the‘ s;ﬁudy sands, Q = 10 and R =1 were found to provide a sufficiently
accurate fit to the material’s strquth énVelope. However, it was found that choosing Q‘ =
10, R = 1 did not provide a realistic fit to the strength envelope of the Scoria sand. This is
believed to be due largely jtq the extreme material noq—linearity possessed by the Scoria sand.
It was further determinegl tha"c choosing Q =1 1 a_nd R = 0 provided the best ﬁt‘to the strength
envelope in the lower yfnean‘rivormal effeétive stress region, (p° < 1500 kPa). | Since the
footings were not large enough to induce mean normal stresses larger than 1500 kPa, it was
felt that simply matching the failure envelope in the lower stress fégi‘ons would be
sufficiently accurate. One further comment siloula'be made in regards to the Ottawa sand.
B‘ol‘\ton’s predictio;:lsv fail to sufficiently predict the streﬁgth behavior of the 'Otfaiwa sand.

This may be seen by comparing the actual strength envelope to that predicted by Bolton.
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Bolton’s equations under predict the actual strength of this material. Again, this is attn'butea
to the particle strength possessed by Ottawa sand and was noted by Bolton (1986).

Cdﬁstant volume friction angles (¢’,,) were chosen in different manners.depending
upon the data available. If strength data was provided at low relative densitieé such as with
the Téxas sand, the secant friction angle associated with peak strength was assumed to' be
close to ¢’.,. For strength tests performed at high ;elaﬁve densities where strain softening
was apparent, ¢’,, was often takéﬁ to be at or close to tﬁat associated with thc_i secant fri‘étion
angle at the critical state (i.e., where the curve flattens beyond peak strength). Finally, in
some cases, the mineralogy was examined in order to define a 'rezilistic c])’c;, since ¢’ is
made up primarily of rni\nere‘tl to mineral sliding ($L), énd foa mucﬂ lesser extent, rolling
friction (¢,). This may be seen in the case of the Ottawa sand which is composed primarily
of silica quartz sand. The constant volume friction angle (¢’,,) ﬁof this material was .
determined to i)e 33 degrees. Mineral to mineral sliding ((bu) for silica quartz sand is
approximately 26 degrees. The rolling friction component (¢,) is therefore only 7 degrées.
In the same way, ¢’,, for the MLS-1 and JSC-1 is COmI;osed of a mineral to mineral sliding
compoﬁen;c (¢,) for feldépar of 37 degrees; as well as a rolling fricti(;n' component (¢, ) of

4 degrees.

Incorporation of the Index of Progressive Failure (L)

In the previous section, material non-linearity was accounted for using Bolton’s
expressions relating strength and dilatancy. In general, this method will provide predictions

of ultimate bearing 'capac_ity (Quit.peato) I €XCeSS Of experimental results. This is postulated to
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be due to progressive failure. Within this section, an index of progressi;/e failure (Tpp) will
| be developed that will take this. effect into éccount.

As. disgussed sey:eral times, - progressive failufe under a footing becomes more
significant with both increasing footing size and dei)th of embedment. The mobilized
friction angle associatedi with larger footings and/or deeper embedment depths is normally
closer to the critical state or constant volume friction angle. On the other hand, the average
friction angle develpped along the slip mechanism for smail‘er footings and/or shallower
embedment depths is typically closer to the peak ﬁic;tion a’ngle. Evidence of this is provided
by radiograph studies performed by Yamaguchi et al., (1976) and presented in Chapter 2.

In light of this discusgion, an index of pro gressiye failure (Ip) has been developed and

‘ k is shown in Figure 31, where the I, has been plotted against Iy Using the rés_u‘lts of bearing
capacity tests perfofmed on the test sands, the index of progressive failure '(Iij was computed

as

qult— B qu'lt—cv

Top = F - o (48)
qult—peak 9 utt=cv T

where exp, peak, and cv describe bearing capacity from the experiments and computed from

peak and constant volume friction angles, respectively. It is noted that the curve was

developed using ¢’ determined using Bolton’s equations. The index of progressive failure

peak
describes the relative position of the experimental results between peak and constant volume

éapacity’, with an Iy, equal to 0 when g g, = Qucy and an I,; equal to 1 when Quitexp = Qutt-peakc

In Figure 31, the I has been plotted against the \co.fresponding relative d‘ilatan(;,y index (Ig)
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Figure 31. Ipfvs Ir- Developed using Bolton’s equations.

associated with (~pek for all 61 bearing capacity experiments. The reason the Ipfis plotted
against lrrather than the footing width (B) is that Irdescribes the state of the soil subject to
a certain level of p’, effectively combining the effects of footing width and embedment. A
curve was then fit to the data.

The rationale behind relating the relative dilatancy index (Ir) to the index of
progressive failure (Ipf) can be seen by consideration ofthe following. Consider the situation
ofa footing placed on a sand. As the footing width and/or embedment depth increase, one
would expect a corresponding increase in the level of mean normal effective stress (p’)
beneath the footing. Based upon Bolton’s development of the relative dilatancy index (Ir),
one would further expect a lower dilatancy index (Ir) and a lower associated index of

progressive failure (Ipf). This would indicate that the ultimate bearing capacity is closer to



92

that associated with the constant volume capacity. Alternatively, as the footing width
decreases and/or embedment depth decreases, the ultimate bearing capacity will approach
that associated with peak capacity. Again, this argument is based on the premise that

progressive failure is less for smaller foeting widths and/or decreased depths of embedment.

This situation would correspond to higher levels of Iy and I, respectively. Therefore; since ’

I has been shown to be largely dependent upon p’, which is a function of footing width and
depth of embedment, the argument has been n;ade th:at Iy can be used to find the I for use
in the bearing cabaicity analysis.

Looking at Figure 31, it appears that significant scatter exists at the lower I values.
However, it'will be shown below tﬁat this scatter is somewhat minor when one considers that
lower values of I; correspond ;to situations where peak and constant volume friction angles
are approaching one another. As such, the bearing capécities predic‘;ted us_ing ¢’ e and ¢,
willgbe relatively close to one.aﬁotﬁef and the impact of the Iz will be minimal. In addition,
since the curve has been drawn through the lower points, one can expect the predictions to

‘be largely conservative in this region. |

The scale effect due to progressive failure is accounted for in the f(;lléwing manner.
Using the relative dilatancy index (I) associated with Gut-peak > & value for the index of
progressive failure (Ipp) is féund using Figure 31. Thé ﬁredicted bearing, ca'lﬁacity7 (Gprea) 18

then given as

qpred:(qult—peak - quit—cv)IPF + qult-cv (49)
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Where i pear a0d Gy, cOrrespond to bearing capacities associated ;Nith the peak and constant -
volume friction angles, and the I ranges from 0 to 1.

" In order to examine the accuracy of predictions of bearing capacity made using

Bolton’s equations, the normalized béaring‘ capacity (Nyq) was plotted against the relative

dilatancy index (Iy) for all eight study sands (Figures 32 - 38). Ny, is defined as

(50)

where q, corresponds to either the peak, constant volume, experilﬁental, or predicted bearing
capacity, B is the footing width, and vy is the ﬁmit weight of the sand. In each graph, Ny,
correspondiné to pveak3 constant volume, experimental, and predicted capacities has been
plotted against thécorresponding I;. Aé observed,‘ in most instances the preaicted bearing
capacities are quite close to the experimental resﬁlts. It is noted that using peak _strengtﬁ
parameters, (i.e., only accounting for material non-‘li’nearity) results in dramatic over
predictions of béaring capacity. One comment should be made concerning t.he' Texas sand
in li‘ght of the discussion earlier about the scatte;r'v o‘t;served in the Ipe-Iy plot at the lower
ranges of I. The relative dilatancy index of the Texas sand is quite 10\& (1 to 2), due to the
low relative density of this material. For this reason, the constant volume and péak strength
friction angles are similar. As such, the scatter in the I has little influence on the predicted
results for the Texas sand. One further comment should be made concerning th¢ Ottawa
sand. In all cases, the ioredicted results under predic£ the aﬂctuali bee;ring éépac'ity

substantially, with the amount of error increasing with increasing depth of embedment. This
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ISunderstandable in light of the comment made by Bolton (1986) that the diiatancy behavior
of Ottawa sand is under predicted, meaning that the actual peak friction angles are
substantially higher. This has been attributed to the particle strength possessed by uniform
sands such as Ottawa sands (i.e., the resistance to particle crushing leading to little change

in the rate of diiatancy with increasing p’).
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Figure 32. Nyqvs Ir- MLS-1 & JSC-I - Predicted using Bolton’s equations.
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Figure 35. Nyqvs Ir- Inagi Sand - Predicted using Bolton’s equations.
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Figure 36. Nyqvs Ir- Monterey Sand - Predicted using Bolton’s equations.
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Influence of using Bolton’s Equations

In order to fully evaluate the potential of ﬁsing Bolton’s empirical equations to -
predict bearing capacity, predictions were also macie using the actual strength envelope of
each sand. As the solution using Bolton’s equationé did,.this approach will account for str.';lin
conditions, scale effects due to méterial non-linearity, and progressive féiluré.

The first step in the analysis is to describe the peak strength envelope in p’-q stress

space. This is done using a function of the yield surface for the constitutive model developed

by Sture et al., (1989). The function for the yield surface is given as

F=4(1 +i§"’ -n@-p,) =0 - (51)

a

where m describes the ‘curvatu;e of the function, 7 is the steepness of the curve (similar_tq
the friction angle), p, describes the isotropic tensile strength whichlis related to the soil’s
cohesion, qa‘is a reference stress normally taken as 1, and q and p are the invariant shear and
" mean normal stressés. Values of m, 1), and p. describing the shape of the failure surface for
each study sand are given in Table 11.

It shouid be noted that the parameters describing thg failure envelope of egch sand
are from triaxial tests performe(i at the same re‘létive den'sityy as tho’s'e used- in the
corresponding bearing capacity experiments with one exception. Triaxial tests with the
" Toyoura sand were performed at a relative density of 75%, while the bearing capacity
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experiments were conducted at a relative density of 87%.‘ This significantly impacted the

predicted results with the Toyoura sand as will be shown later.

Table 11. Values of m, 1, and p, for each sand.

Sand m M Pe
MLS-1 0.0332 | 2.61 -0.1
JSC-1 005 3.0 -0.1
Scoria sand . 0.14 5.6 -18

‘Toyoura sand 0.025 1.9 0
Inagi sand 0.032 2.02 -0.2

Monterey, sand 0.037. 23 -5

Texas sand 0.055 2

‘Ottawa sand 0.01 1.90

As with the previous solution using Bolton’s equations, a value of p’ appropriate to
the fooﬁng to be anailyzed must be initially assumed. This ig therefore an iterative process
utilizing the P’ /Que expre:ssi'o,ﬁ de&eloped from non—linea’r limitl plast'icity (eq. 47). The
[approach to calculate ultimate bearing capacity using the actual p’-q strength envelope is
given by the following steps.

A vavlué of p’ is assumed from which the invariantldeviatc;ric stress (q) is found using

the function descfibing the peak stréng’th envelope, (eq. 51). The secant friction angle (¢’,.)

is then computed using

Y q
sing,, =
2p /+%, . : (52)
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where the Subscript 7c denotes that the friction angle pertains to conditions of triaxial
compression. Next, ¢’ is corrected for the strain restraint condition beneath the footing
using the expression

/
Al +¢,,

/
31,+¢,,

q);zeak = (I)t/c (53)

where ¢’ is the assumed constant volume friction angle of the material. I is the relative
dilatancy index proposed by Bolton (1986). The value of 4 ranges from 3 to 5, with 4 equal -
to 3 under conditions of triaxial compression, (L/B = 1). Under plane strain (;onditions, L/B
.> or=7), A‘ is eql,lal to5. Ais interiaol,ated‘ for intermediate strain conditions, (1 <L/B <7).
The relative dilatancy index (Iz) used in equation 53 is given by; the fol.low.ing
L= M : ' N C2)
3 .
where I; describes the amount by which the peak friction angle exceeds the constant volume
friction angle for a particular strain restraint condition. As discussed earlier, I; is a function
of ‘ghe‘ relative density-of the sand, as well as the mean normal effective stress condition (p).
It should be noted that as ¢’ decreases with increasing p’, I will als;) decrease.
Using the previously determined ¢’y fche ultimate bearing capacity (qult_peak)v is next
calcuiated using the previously given bearing capacity equation (eq. 43). Finaily, the ratio
of P’ /e ek 'i‘S' determined using the assumed value of p’, and corﬁpared to the ratio given by

equation 47 using ¢’ ... A new value of p’ is then assumed and the iteration ref)eated until
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the two computed p7qutratios converge. Finally, qutovis determined using a linear friction
angle equal to the constant volume friction angle. Therefore, using this approach with the
actual strength envelope, the scale effect due to material non-linearity has been taken into

account.
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Figure 39. IpfFvs Ir- Developed using the actual p'-q strength envelope.

Next, the scale effect due to progressive failure is taken into account. This step is
implemented in much the same manner as the previous solution. Figure 39 presents the
index of progressive failure (Ipf) constructed using Cul*peak and ¢ * , determined using the
actual material strength envelope of each sand. It is noted that the results using the Toyoura
sand were not used in developing Figure 39 since the relative density used in the triaxial tests

was substantially lower than that used in the bearing capacity experiments. As such, using
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these results to develop Figure 39 would have skewed the graph. Using the data, a curve was
fit to the points. The curve describing progressive failure was drawn in such a manner as to
be largely conservative.

Accounting for progressive failure is done in the same manner as described earlier.
Using Figure 39, an index of progressive failure (I;) is established based upon the relative
dilatancy index (Ig). Then, knowing the Iy, a predicted bearing capacity (q,,,.4) is computed
using equation 49.

Due to the iterative natl;re of the solution, a computer program was written in Fortran
to determine qypeqc @0d Gyp.oy - This program may be found in Appendix D. In general,
required input includes the footing width (B), normalized ciepth of embedment (D/B), the
density (p) and constant volume friction angle (¢’.,) of the sand, as well as m, 7, and p,
describing the failure enve;,lope. The program then computes qy pea> Quirov> a0d Iy , from
which the index of progre'ssive failure (I,z) can be found using Figure 39. Finally, as
described earlier, the predicted bearing capacity (q,.q) is determined using the index of
progressive failure (Ipp).

In order to evaluate the predicted bearing capacity results, the normalized bearing
capacity (Ny,) was plotted against I for all eight study sands. These graphs are presented
in Figures 40-46. In each graph, Ny, corresponding to peak, constant volume, experimental,
and predicted capacities has been plotted against the corresponding I;. Looking at the
figures, it ma3; be seen that the predictions using i‘.he strength envelopes are, on average,
quite close to the experimental results, with the notable exception of the Toyoura éand. In

the case of the Toyoura sand, the predicted results are substantially less than the experimental
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results. This may be attributed to the lower relative density at which the triaxial tests were
conducted as compared to the bearing capacity experiments. As a result, the frictional
properties were underestimated, resulting in substantial under prediction. It should be further
noted that in the case of the Ottawa sand the predictions are substantially better using the
strength envelope versus using Bolton’s empirical equations. However, in light of the earlier
discussion concerning the dilatancy behavior of Ottawa sand, this is to be expected. One last
comment should be made concerning the use of peak strength parameters. Similar to the
predictions using Bolton’s equations, using peak strength parameters, (i.e., only accounting

for material non-linearity), results in rather large over predictions of bearing capacity.
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Figure 40. Nyqvs Ir- MLS-1 & JSC-I- Predicted using p’-q strength envelopes.
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Figure 41. Nyqvs Ir- Scoria Sand - Predicted using p’-q strength envelope.
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Figure 42. Nyqvs Ir- Toyoura Sand - Predicted using p’-q strength envelope.
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Figure 43. Nyqgvs Ir- Inagi Sand - Predicted using p’-g strength envelope.
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Figure 44. Nyqvs Ir- Monterey Sand - Predicted using p’-q strength envelope.
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Figure 45. Nyqvs Ir- Texas Sand - Predicted using p’-q strength envelope.
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. Due to the Qifﬁculty in comparing Bolton’s empirical predict:ions with predictions
using the actual failure envelope, a more quantitative way was required to compare the
- results. A statistical analysis was therefore performed to quantitatively measiilre the amount
of over/uﬁder prediction of bearing capacity for each of the experiments.. In Figures 47-60,
the amount of over/under predic’;ion has been plotted for each. experiment using both ‘
Bolton’s empirical predictions and predictions made using the actual failure envelope. A
value of zero cerresponds to situations where the actual apd predicted bearing capacities.
match. The root mean square (RMS) was then ?ompui‘ed with each prediétio’n techniqﬁe f;)r
all eight study sands. The root mean square measures the average amount of over/under
prediction. Table 12 presents the root‘ mean square detérmiped for each sand using both

prediction techniques.

Table 12. Root mean square (RMS) for éach study sand.

Sand RMS - RMS
Bolton’s predictions p’-q predictions

MLS-1 .09 0.45
JSC-1 - 059 1.37
Scoria sand 0.50 0.63
Toyoura sand ‘ 1.48 | : 2.83
Inagi sand 129 - . - 1.30
Monterey sand 0.80 0.83.
Texas sand . 0.46 047
Ottawa sand __ 223 0.42
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Figure 47. Amount of over/under pred. with MLS-I & JSC-I using Bolton’s
equations.

Experiment Number

Figure 48. Amount of over/under pred. with MLS-1 & JSC-I using p’-q strength
envelope.
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Figure 49. Amount of over/under pred. with Scoria sand using Bolton’s equations.
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Figure 50. Amount of over/under pred. with Scoria sand using p’-q strength
envelope.
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Figure 51. Amount of over/under pred. with Toyoura sand using Bolton’s equations.
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Figure 52. Amount of over/under pred. with Toyoura sand using p’-q strength
envelope.
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Figure 53. Amount of over/under pred. with Inagi sand using Bolton’s equations.
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Figure 54. Amount of over/under pred. with Inagi sand using p’-q strength envelope.
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Figure 55. Amount of over/under pred. with Monterey sand using Bolton’s equations.
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Figure 56. Amount of over/under pred. with Monterey sand using p’-q strength
envelope.
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Figure 57. Amount of over/under pred. with Texas sand using Bolton’s equations.
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Figure 58. Amount of over/under pred. with Texas sand using p’-q strength envelope.
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Figure 59. Amount of over/under pred. with Ottawa sand using Bolton’s equations.
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Figure 60. Amount of over/under pred. with Ottawa sand using p’-q strength
envelope.
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A few éomments should be made W1th reference to Table 12. The 'reysul‘-tg using the
actual failure envelope with the Toyoura sand are obviously skewed since the }elative
densities in the triaxial tests and bearing capacity experiments differed. Therefore, the high

RMS is expected. Bolton’s predictions do-not perform well with the Ottawa sand (RMS =

2.23). As shown previously, Bolton’s equations under predict the dilatancy behavior of this

material. Taken as a whole, the predictions made using the actual failure envelopes perform

better than using Bolton’s technique. The-overall root mean square using the actual failure

. envelope excluding the Toyoura sand was 0.87, while the RMS using Bolton’s predictions

was 1.28. However, if the Ottawa sand results are dropped, the RMS using Bolton’s

predictions drop to 1.07. Itis not unexpected that using the a¢tual failure envelope for each’

material‘ provides better predic’gioﬂs of bearing capacity. Bolton’s equations describing
dilatancy and strength are empirically deriyed and are an approximation of the actual strength
envelope. Yet, it has been shown that using Bolton’s equations does not introduce an
unreasonable amount of error into Fhe solution. It is further expected that Bolton’s
predictions may be feﬁned b}'l chgosing appropriate empirical constants (Q and R), rather
then simply assuming 10 and 1 are valid. |

One. last comment should be made in regards to the shear strength test results. Often,
some of the strength data provided was rather sparse and open to interpretation. In other
cases, the test results looked a little suspect. As a result, some of the failure envelopes may

be slightly inaccurate, leading to inaccuracies in predicting bearing capacity. However, given

the data available, it is felt that the failure envelopes are of sufficient accuracy for -

comparison purposes.
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Conclusion

The purpose of this chapter has been to present a new design methodoiogy for
predicﬁng the bearing capacity of sands. The solution takes into accourfc_both components
of the scale effect, namely, material non-linearity and progreséive failure. Material non-
linearity was accounted for using strength and dilatancy relationships developed by Bolton
(1986). Progressive failure was accounted for by the development of an index of progressive
failure (Ip), which describes the relative position of the predicted bearing capacity between
peak and constant volume capacities, given the relative dilatancy index (Iy).

Predictions using Bolton’s equations were compared to those using the actual strength
envelope of the material. This was done by plotting the amount of over/under prediction
with both solution téchniques and comparing the two. It was determined, on the average,
that the use of the actual failure envelope resulted in better predictions of bearing capacity.
However, given that Bolton’s equations use empirical equations relating dilatancy and
strength, the error in&éduced is rather small.

It is noted that the use of Bolton’s strength and dilatancy expressions require a
knowledge of the relative density (I,) and the constant volume friction angle (¢’,,) of the
material. In addition, this approach requires an assumption that the empirical constants (Q
=10 énd R = 1) can be used to provide a sufﬁ_c(:ient match between Bolton’s équatioﬂs and
data provided by strength tests. In most cases, this was found to be éufﬁciently accurat;:.

The notable exception was in the case of the Scoria sand where the extreme material non-

linearity fequired that new values of Q and R be chosen. ‘
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The development of this bearing capacity solution has great appliéation to the
engineer in that matérial property evaluation is greatl.y simplified, while maintaining an
acceptable degree of accuracy in bearing capacity predictions. However, this appr‘oach will
require the determination of the constant volume friction aﬁgle and relative density of the
sand, as WCH‘ as the empirical constants Q and R. Possible methods to detefmine_ these

parameters will be discussed in the final chapter.




118

CHAPTER 5

SUMMARY, CONCLUSIONS AND RECOMMENDATIONS FOR FURTHER

WORK

Summary

In order to adequately design a shallow foundation resting on a sand, proper
consideration must be given to the load carrying éai)acify of the sand. Traditio’nally, this s
done by conducting shear strength tests on the material in question in order to determine an
appropriate friction angle. This friction angle is then used within the conventional bearing
capacity solution, with appropria;te modifications for such items as the influence of the
groundwater table, strain restraint condition beneath the footing, and increased shear
resistance due to embedment depth. The conventional bearing capacity solution predicts that
the ultimate bearing capacity will increase linearly w1th footing width and embedmént depth.
However, numerous researchers including Kusakabe et al., (1992) and Perkins and Madson
(1996) have shown this not to be true. This phenoménon is called the scale effect and has
been discussed extensively throughout this thesis. The objective of this research has been
to develop a simpler method to estimate bearing éapacity which eliminates the neeci for
extensive triaxial testing, and, at the same time, accounts for material non-linearity and

progressive failure, both components of the scale effect.
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A new design approach was proposed using strength and dilatancy relationships
developed by Bolton (1986). Using these empirical relationships, a peak friction angle
(¢’ ) could be determined knowing the soil’s‘r:'elative density (I, strain restrain.t- condition
for the footing, and the éoil’s constant volume friction angle (¢’ ,,), as well as the level of
mean normal effective stress (p°) beneath the footing. Finding ¢, in fhis manner acco‘unts
for matertal non-linearity (i.e., dependence of ¢’ e 00 ’). The approach assmnes;that
certain empirical constants (Q and R) descriEing the strength of the sand are reasonable.

Since a value of p’ app?opriafe to the footing problem had to be determinéd, an
expression relating p’/q,, to ¢™ was also develdped using non-linear limit plasticity theory.
The solution process the;*ef.ore required an iterative procedure in order to find the appropriate
p’ and corresponding ¢’ ., to use in the general bearing capacity equati-c;ri.

In this thesis, it was shown that using peak strength parameters resulted in large over
predictions of bearing capacity. This was attributed tol progressive failure, the second
component of the scale ‘effect.’ To account for progressive failure, an index of progressive
failure (Ipp) was deve‘ioped in Chapter 4. f‘fhis index described the relative position of the
predicted bearing capacity (q,.q), between th;elt assolciated with peak ;1nd constant volume
capacities, (Qypeax a0d ). The dégree of progressive failure was \shoyvn to be largely
dependent upon the relative dilatancy index (Ip), which is in turn dependent upon p’. Using
the Iy, a predicted bearing capacity (q,,4) could be qomputed.

Bolton’s empirical expressions were used to make predictions of bearing capacity for

8 study sands. These predictions were then corhpared to results from bearing capacity

experiments performed on each study sand. In order to study the error associated with using
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this simplified approach, predictions were also made using the actual material failure
envelope developed from shear strength tests conducted on each sand. A statistical analysis'

was then performed to evaluate the error introduced in using Bolton’s empirical equations.

Conclusions

}

It was fouﬁd in Chapter4 that using Bolton’s equations did not introduce a significant
amount of error into bearing capacity predictions. This conelusion was based on a statistical
analysis of the average amount of over/under prediction for each of the study sands.
However, it w‘as. noted in Chapter 4 that Bolton’s equations-did not perform wéll with the
Ottawa sand, especially at increaseci embedment depths. Bolton"quuations predict a non-
linear material response in that the peak friction angle will decrease with increasing p’,
corresponding té greater embedment depths. However, in the case of Ottawa sand, it has
been s;hown that the friction angle remains quite constant, ex)en at elevated values of mean
normal stress. This is attributed to the unusually high particle strength of Ottawa sand. A;
a result, at increased depths of embedment the predicted ¢’ is substantial'ly.lessv than the
actual ¢’ ., leading to gross under predictions of bearing capacity.

It was also noted in Chapter 4rthat some s;:attér e;cisted in the Ipp - Iy pibt sl:lt iower :
values of I;. It was further 150inted ?ut that since ¢’ ear and d);cv are approaching one another
at low values of I, the impact of the ind(ex of pr;)gressive failure is minimal. In a(idition,
since low values of II} correspond to situations where the material’s relative density is low,
the ultimate bearing capacity often will not be the determim‘ing factor in the design. In these

situations, settlement considerations often dictate the design. In general, the ultimate bearing
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capacity controls in situations where large settlements will not affect the function or purpose
of the structure. Examples of such structures include railway bridges, warehouses, retaining
walls, silos, and blast furnacés; In contrast, s,ettlement éonsidérations will often control for
structures such as office buildings, residential structures, and manufacturing facilities.

Using Bolton’s equations require values for the relative density (I) and constant
volume friction angle t¢’cv) of the sand. The relative density, (I ) may be determined directly
using in-situ tests such z;s the standard penetration test (SPT) and cone penetration test
(CPT). The constant volume friction angle (¢’,,) may be determiried by one of two methods.
The most accurate method is simply to conduct a triaxial or direct shear t;cstnon a loose,
reconstituted sainple. As discussed in Chaptg:r 2, peak strength for loose; sands corresponds
closely to the critical state or constant volume friction angle. A second method is to cﬁoose
¢’,, based upon the primary mineral constituent since ¢’ has been sh'byvn to be principally
a function of the mineral to mineral sliding component (J,).

In additiér.l'to the above described material parameters, empiricél constants Q and R
describing the étrength characteristics of the sand are; required. In the absence of strength
data, Bolton (1986) suggested setting Q-and R equél to 10 and 1, respectively. With the
exception of the Scoria sand, this afqpfoximati’on was found to be reasonably accurate. It is
noted however thét further refinement could be made to the predictions by determinirig aQ
and' R appropriate to the sand in question. The obvious problem is that strength data is
required in order to find Q and R, which defeats the entire purpoée of using Bolton’s
simplified approach. Fortunately, the;re is somé hope that Q and R can be found by other |

. ‘ , . ' y
means. This will be discussed briefly in the last section.
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It is also noted that the actual failure envelope of the material may be used to make
predictions of bearing capacity. In this research, predictions using the failure envelope were
used only for comparison purposes, however, if accurate strength data is available,
predictions could be made ﬁsing the procedure outlined in Chapter 4. Using this approach

also accounts separately for both material non-linearity and progressive failure effects.

Recommendations for Further Study

In this thesis, a new approach has been presented to esﬁmatg the bearing capacity of
sands. This approach uses expressions relating dilatancy and strength. There are a number
of advantages to using this simplified design procedure. First, the problem of attempting to
take. intact samples from the field can now be avoided. This has always posed a problem
since granular materials tend to fall apart easily, making them difficult to test. The newly
proposed design procedure does not require extensive shear strength testing, successfully
solving this problem. Secondly, the procedure requires only that a small number of material
parameters be defined. As discussed earlier, these parameters may be determined through
relatively simple tests. Lastly, it has been shown here that using this simplified approach
does not add an unreasonable amount of error to the predictions.

However, this work is simply a starting point for estimating the bearing capacity of
sands. Further research should be performed before this technique is used in practice. In
particular, future work should investigate the following:

(1) further refining the curve describing the index of progressive failure (Ipg).

(2) the use of in-situ tests to better define the empirical constants (Q and R)
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used in ‘Bolton"s equations.
(3) other methods to determine the level of mean normal effective stress (p’j
beneath a footing. This should include possibly looking at the use of the
" equations proposed by Meyerhof (1948) and De Beer (1967) and discussed
in Chapter 2. .

As seen in Chapter 4, thf: points describing the curve of progressive failure are rather
sparse at low and high values (;f Iz. Inorder to bettér 'deﬁn’e the curve in fhese reéions, itis
recommended that a series of béaring capacit3; experiments be performed on one or more
study sands. These tests should be conducted at a range of footing widths and embedment
depths. ‘More importantly, these exi)eriments should also be performed over a range of
relative denéitiés. This will provide further data at low and high end values of 1,13.’ allowing :
the curve of progressive failure to be further reﬁn;:d.

It was mentioned earlier that better predictions of bearing capacity could be made if
'Q and R wére better defined for each sand.” At this time, it is possible to correlate data from
a cone penetration test (CPT) to an appropriate friction anglé. It is therefofe 'concéivable that
data from a CPT may be related to appropriate values of Q and R. Research in this area is
required to validate this statement.

F_urther research shoul‘d‘also be conducted into appropriate methods to dete;mine the

| level of meén nérmal effective st;ess (p’) beneath a‘ footing. | In 'particulaf, ‘possiblel
consideration may be given to using expressions proposed by Meyerhof (1948) and De Beer
(1967). It was maintained in Chapter 2 that little was available on their development and

for this reason were not used. . However, these expressions may be worth investigatirig

further if better predictions of bearing capacity can be made with their use.
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APPENDIX A

CONVENTIONAL TRIAXTAL COMPRESSION AND PLANE STRAIN TEST
RESULTS

ACCUMULATED FOR THE STUDY SANDS
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Figure 61. MLS-I CTC results at 100% relative density, (from Perkins and Madson,

1996).
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Figure 62. MLS-I CTC results at o\ = 6.89, 3.44, and 1.72 kPa; 61.5% relative density,
(from Perkins, 1991).
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Figure 63. MLS-1 CTC results at 0’3= 13.8 kPa; 61.5% relative density, (from Perkins,
1991).
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Figure 64. MLS-I CTC results at 0’3= 34.4 kPa; 61.5% relative density, (from Perkins,
1991).
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Figure 65. MLS-1 CTC results at a’3= 68.9 kPa; 61.5% relative density, (from Perkins,
1991).
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Figure 66. MLS-I CTC results at a’3=6.89, 3.44, and 1.72 kPa; 28% relative density,
(from Perkins, 1991).
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Figure 67. MLS-I CTC results at 0’3= 13.8 kPa; 28% relative density, (from Perkins,
1991).
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Figure 68. MLS-I CTC results at 0’3= 34.4 kPa; 28% relative density, (from Perkins,
1991).
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Figure 69. MLS-1 CTC results at a’3= 68.9 kPa; 28% relative density, (from Perkins,
1991).
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Figure 70. JSC-1 CTC results at 100% relative density, (from Perkins and Madson,
1996).
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DRAINED TRIAXIAL COMPRESSION TEST

SATURATED TQYOURA SAND, AIR-PLUVIATED
I eC3=VOID RATIO ATa'c=0.3kgf/cmZ

EFFECTIVE MINOR PRINCIPAL STRESS AT(o'./ai)m a X |(kgf/cm?2)

Figure 71. Toyoura sand shear strength data from CTC tests, (from Fukushima and
Tatsuoka, 1984).
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Figure 72. Toyoura sand shear strength data from plane strain tests; 61% relative
density, (from Tatsuoka et al., 1986).
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Figure 73. Inagi sand CTC results; approximately 80% relative density (from Kusakabe
et al., 1991).

Figure 74. Change in angle of shearing resistance with relative density for Inagi sand
(from Kusakabe et al., 1991).
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Figure 75. Texas sand - CTC results for samples taken at 0.6 m, approximately 55%
relative density (from Briaud and Gibbens, 1994).
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Figure 76. Texas sand - CTC results for samples taken at 3.0 m; approximately 55%
relative density (from Briaud and Gibbens, 1994).
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Figure 77. Ottawa sand - CTC results at approximately 88% relative density (from
Aiban, 1991).
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Figure 78. Ottawa sand CTC results at 0’3= 1.72 kPa; approximately 88% relative
density, (from Schipporeit, 1988).
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Figure 79. Ottawa sand CTC results at 0’3= 5.17 kPa; approximately 88% relative
density, (from Schipporeit, 1988).
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Figure 80. Ottawa sand CTC results at a’3= 34.48 kPa; approximately 88% relative
density, (from Schipporeit, 1988).
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Figure 81. Ottawa sand CTC results at O13= 103.43 kPa; approximately 88% relative
density, (from Schipporeit, 1988).
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Figure 82. Variation in the peak friction angle with mean normal stress for Monterey
sand; approximately 93-95% relative density, (from Kutter et al., 1988).
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Figure 83. Monterey sand CTC results at a’3= 21 kPa; approximately 93-95% relative
density, (from Abghari, 1987).

I ||-i
R
N

Figure 84. Monterey sand CTC results at 0’3= 53 kPa; approximately 93-95% relative
density, (from Abghari, 1987).
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Figure 85. Monterey sand CTC results at a’3= 100 kPa; approximately 93-95% relative
density, (from Abghari, 1987).

Figure 86. Monterey sand CTC results at 0’3= 200 kPa; approximately 93-95% relative
density, (from Abghari, 1987).
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Figure 87. Monterey sand CTC results at 0°’3= 400 kPa; approximately 93-95% relative
density, (from Abghari, 1987).

Figure 88. Monterey sand CTC results at a’3= 690 kPa; approximately 93-95% relative
density, (from Abghari, 1987).
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Figure 89. Scoria sand CTC results; approximately 118% relative density, (from
Kusakabe et al., 1992).
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Figure 90. Mohr’s circles at failure for Scoria sand; approximately 118% relative
density, (from Kusakabe et al., 1992).
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APPENDIX B

BEARING CAPACITY RESULTS FOR THE STUDY SANDS
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Figure 91. Relationship between Nygand yBNE(for Toyoura sand, (from Kimura et al.,

1985).

Figure 92. Toyoura sand bearing capacity results for a) B =3 cm; D/B - 0
b) B = 120 cm; D/B = 0, (from Kimura, 1995).
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Figure 93. | oyoura sand bearing capacity results fora) B- 3cm; D/B - 0.5
b) B = 120 cm; D/B = 0.5, (from Kimura, 1995).
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Figure 94. Toyoura sand bearing capacity results for a) B = 80 cm; D/B - 1.0
b) B = 120 cm; D/B = 1.0, (from Kimura, 1995).
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Figure 95. Toyoura sand bearing capacity results for a) B - 160 cm; D/B 1.0, (from

Kimura, 1995).
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Figure 96. Toyoura sand bearing capacity results for a) B- 3cm; D/B 1.0
b) B=4 cm; D/B = 1.0, (from Kimura, 1995).
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Figure 97. Inagi sand bearing capacity results for a) L/B = 1 b) L/B = 3, (from
Kusakabe et al., 1991).
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Figure 98. Inagi sand bearing capacity results for an L/B = 7, (from Kusakabe et al.,
1991).
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Figure 99. Texas sand bearing capacity results for 3.004 x 3.004 m footing; D/B = 0.25,
(from Briaud and Gibbens, 1994).
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Figure 100. Texas sand bearing capacity results for 1.505 x 1.492 m footing; D/B - 0.51,
(from Briaud and Gibbens, 1994).
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Figure 101. Texas sand bearing capacity results for 3.023 x 3.016 m footing; D/B - 0.29
(from Briaud and Gibbens, 1994).
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Figure 102. Texas sand bearing capacity results for 2.489 x 2.496 m footing; D/B - 0.31,
(from Briaud and Gibbens, 1994).
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Figure 103. Texas sand bearing capacity results for 0.991 x 0.991 m footing; D/B - 0.72,
(from Briaud and Gibbens, 1994).
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Figure 104. Ottawa sand bearing capacity results for 1.14 m footing; D/B from Oto I,
(from Aiban, 1991).



163

Bm3.81 cm —
I BS-2, n-50 Bm3.81cm
o BS-3, n -16.75 Bm508cm —
m BS-4, n- | B- 5.08cm
B- 3.81 cm
Prototype B - 5.08 cm
Free to rotate
Modefing of Models
? Prototype B - 95.25 cm.
o Rxedx Prototype B - 190.5 cm
Fixed----—--- 7

Prototype B m 190.5 cm
Free to rotate

Figure 105. Monterey sand bearing capacity results for circular footings; D/B = 0, (from
Kutteretal., 1988).
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Figure 106. Scoria sand bearing capacity results, (from Kusakabe et al., 1992).
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APPENDIX C

COMPARISON OF THE STRENGTH ENVELOPE PREDICTED BY BOLTON WITH
RESULTS FROM TRIAXTAL OR PLANE STRAIN DATA FROM EACH OF THE

STUDY SANDS
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Figure 107. MLS-I- comparison of Bolton’s prediction of the strength envelope and the
strength envelope developed from CTC results (100% relative density).
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Figure 108. MLS-I - comparison of Bolton’s prediction of the strength envelope and the
strength envelope developed from CTC results (61.5% relative density).
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Figure 109. MLS-I- comparison of Bolton’s prediction of the strength envelope and the
strength envelope developed from CTC results (28% relative density).
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Figure HO. JSC-I - comparison of Bolton’s prediction of the strength envelope and the
strength envelope developed from CTC results.
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Figure 111. Scoria sand - comparison of Bolton’s prediction of the strength envelope
and the strength envelope developed from CTC results.
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Figure 112. Toyoura sand - comparison of Bolton’s prediction of the strength envelope
and the strength envelope developed from CTC results (74.5% relative density).
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Figure 113. Toyoura sand - comparison of Bolton’s prediction of the strength envelope
and the strength envelope developed from CTC results (34.1% relative density).
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Figure 114. Toyoura sand - comparison of Bolton’s prediction ofthe strength envelope
and the strength envelope developed from plane strain tests (61% relative density).
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Figure 115. Inagi sand - comparison of Bolton’s prediction of the strength envelope and
the strength envelope developed from CTC results.
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Figure 116. Monterey sand - comparison of Bolton’s prediction of the strength envelope
and the strength envelope developed from CTC results.
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Figure 117. Texas sand - comparison of Bolton’s prediction of the strength envelope and
the strength envelope developed from CTC results.
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Figure 118. Ottawa sand - comparison of Bolton’s prediction of the strength envelope
and the strength envelope developed from CTC results.
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APPENDIX D

FORTRAN PROGRAMS WRITTEN TO SOLVE FOR THE BEARING CAPACITY

OF SHALLOW FOUNDATIONS ON SAND
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B.C. Program using Bolton’s equations

sk ok 3k ok ok ok ok ok ok 3k ok ok o sk ok sk sk ok sk sk sk sk ok ok sk sk ok sk ok sk sk st ok sk sk sk sk sk sk sk s sk e ok sk ok ok sk st sk sk ok sk sk ok sk sk KTk sk sk sk sk sk sk sk sk skok

&

*

PROGRAM: BOLT.FOR

BC Solution Using Bolton's Equations and our p/q_ult

*

*
£

e sk ot ofe sk sk sk sfe ok ok sk sk ofe s e ok ok s ke ok st sk ok ok ok sk skisk ok ok ok ok sk ok ok ke ok ok ok ok sk ok ok sk ok ok ok ok ok o ok ok ok ok ok ok skook sk sk sk ok sk sk sk ok ok kR

10

REAL pi,lb,p,q,r,cv,phro,Id,Ir,d,b,dbf,qultm,rm ra,ratio,Nq1,
Ngaml,ng3,ng4,ngm,gammasat
OPEN(1,FILE='data.txt,STATUS="0ld")
OPEN(2,FILE='out.txt',STATUS= unknown)
pi=3.141592654

Read(1,*)n
Do 100 I=1,n
Read(1,*)b,phro,dbf,qultm,lb,Id,cv,q,r,d,p,gammasat
depthf=b*(dbf)
if(d.ge.(b+depthf)) then
gsur=depthf*phro*9.81 -
gamma = phro*9.81
elseif(d.le.depthf) then
gsur=(depthf-d)*(gammasat-9.81)+d*phro*9.81
gamma=gammasat-9.81
else
qsur*deptht*phro*9 81 ,
gamma=(gammasat-9.81)+(d-depthf)/b* (phro* 9 81-
(gammasat-9.81)) '
endif - '
Ir=Id*(Q-log(p))-R
f(Ir.1t.0.0) then
1Ir=0.0
endif
if(LB.ge.7.0) then
ratio=5.0
elseif(LB.le.1.0) then
ratio=3.0
else

z=(7.0-LB)/6.0

ratio=5.0-z*(2.0)
endif
phi2sp=(ratio*Ir)+CV
phis2=phi2sp*pi/180.0
Ngql=(tan(45.0*pi/180.0+phis2/2.0))**2. O*exp(p1*tan(ph152))
a—p1/4 0+phis2/2.0
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term11=0.5*tan(a)*(tan(a)*exp(3.0*pi/2.0*tan(phis2))-1.0)
term22=3.0*sin(phis2)*cos(phis2)/(2.0*(1.0+8.0*(sin(phis2))
*%2.0)*(1.0-sin(phis2)))
term33=(tan(a)-1.0/(3.0*tan(phis2)))*exp(3.0*pi/2.0*
tan(phis2))+tan(a)*1.0/(3.0*tan(phis2))+1.0
Ngaml=terml 1+term22*term33
qult3=Ngq1*gsur+0.5*gamma*b*Ngam1
phi2s=phis2*180.0/pi
ra=p/qult3*100.0
rm=310.511*exp(-0.072749*phi2s)
p=(rm-+ra)/2.0/100.0*qult3
If(abs(rm-ra).gt.0.001) then
goto 10
endif
phis3=CV*pi/180.0
Nql=(tan(45.0%*pi/180.0-+phis3/2.0))**2.0*exp(pi*tan(phis3))
a=pi/4.0+phis3/2.0 ,
term11=0.5*tan(a)*(tan(a)*exp(3.0*pi/2.0*tan(phis3))-1.0)
term22=3.0*sin(phis3)*cos(phis3)/(2.0*(1.0+8.0*(sin(phis3))
**2 0)*(1.0-sin(phis3)))
term33=(tan(a)-1.0/(3.0*tan(phis3)))*exp(3.0*pi/2.0*tan(phis3))+tan(a)
*1.0/(3.0*tan(phis3))+1.0
Ngaml=term] 1+term22*term33
qult4=Nql*qsur+0.5%gamma*b*Ngam
rel=(qultm-qult4)/(qult3-qult4)
ng3=2.0*quit3/b/9.81/phro
ngm=2.0*qultm/b/9.81/phro
ng4=2.0*qult4/b/9.81/phro
write(2,1000)qult3,qultm,qult4,Ir,rel,ng3,ngm,ng4
format(3(£6.0,2x),f4.2,2x,f4.2,2x,3(£6.0,2x))
continue
STOP
END
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B.C. Program using p’-q strength erivelopes

sk sk sfeiske s sk sie s sk sfe o sk ok sk sk s sk ok ok ok sk sk sk sk sk skook sk sk sk sk sk sk ok ok sk sk sosk ok ok ok sk ok sk sk ok sk sk stk sk sk sk skook sk sk sk sk sk sk ke sk sksk sk ko sk

{ * PROGRAM: BC.FOR - ~ x
. B e : P
*  Using p-q diagram, no Q and R, using our expression for p/q_ult *

3
f s sk sk s ok ok o ok ok s ok o ok sk sk sk sk ok ok ok ok ok ok sk sk s sfe ok sk sk ok sk sheske sk sk sk sk sk sk sk sk sk ske ok st st sk sk sk sk skeosteske sk sfe sheshe sfesle sk sk ok sk oskosk skek ok

REAL pi,1b,p,cv,phro,Ir,d,b,dbf,qultm,rm ra ratio,Nql,
Ngam1,ng3,ng4,ngm m,eta,pc,gammasat
OPEN(1,FILE='data2.txt',STATUS="01d")
OPEN(2,FILE='out.txt',STATUS="unknown')
pi=3.141592654
| Read(1,*)n
] Do 100 I=1,n
Read(1,*)b,phro,dbf,qultm,cv,m,eta,pc,lb,gammasat,d,p
depthf=b*(dbf)
if(d.ge.(b+depthf)) then
gsur=depthf*phro*9.81
gamma = phro*9.81
\ : elseif(d.le.depthf) then
/ ’ qsur=(depthf-d)*(gammasat-9.81)+d*phro*9.81
gamma=gammasat-9.81
, else
‘ ' qsur=depthf*phro*9.81
ﬁ gamma=(gammasat-9.8 1)+(d-depthf)/ b*(phro*9.81-
_ (gammasat-9.81)) -
" endif
10 if(L.B.ge.7.0) then
- ratio=5.0
, elseif(LB.le.1.0) then'
/ . ratio=3.0
! else
' 7z=(7.0-LB)/6.0
ratio=5.0-z*(2.0)
- endif
i qpeak=p .
; 11 pass=(qpeak*(1. O+qpeak)* *m)/eta+pc
/ o If ((pass-p).ge.0.01) then
' fix=(pass-p)/p
gpeak=qpeak-qpeak*fix/2. 0
goto 11
Elseif ((p-pass).ge.0.01) then
fix=(p-pass)/pass
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Endif

continue

STOP
END
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qpeak—qpeak+qpeak*ﬁx/2 0
goto 11

ph1tc-asm(qpeak/(2 O*p+qpeak/3 0))*180.0/pi
Ir=(phitc-cv)/3.0
phi2sp=phitc*((cv-+ratio*Ir)/(cv+3.0*Ir))
phis2=phi2sp*pi/180.0
Nql=(tan(45.0%pi/180.0+phis2/2.0))**2.0*exp(pi*tan(phis2))
a=pi/4.0+phis2/2.0
term11=0.5*tan(a)*(tan(a)*exp(3. O*p1/2 O*tan(phls2)) 1.0)
term22=3.0*sin(phis2)*cos(phis2)/(2.0*(1.0+8.0*(sin(phis2))
) 0)*(1.0-sin(phis2))) '
term33=(tan(a)-1:0/(3.0*tan(phis2)))*exp(3.0*pi/2.0*
tan(phis2))-+tan(a)*1.0/(3.0*tan(phis2))+1.0
Ngaml=term] 1+term22*term33 - '
qult3=Ngq1*qsur+0.5*gamma*b*Ngaml
phi2s=phis2*180.0/pi
ra=p/qult3*100.0
rm=310.511*exp(-0.072749*phi2s)
p=(rm-+ra)/2.0/100.0*quit3
If(abs(rm-ra).gt.0.001) then
goto 10
endif
phis3=CV*pi/180.0

"Nql=(tan(45.0*pi/180.0+phis3/2. O))**2 O*exp(p1*tan(phls3))

a=pi/4.0+phis3/2.0

term11=0.5*tan(a)*(tan(a)*exp(3.0*pi/2.0*tan(phis3))-1.0)

term22=3.0*sin(phis3 )*cos(phis3)/(2.0%(1.0+8.0*(sin(phis3)) -
*%2.0)*(1.0-sin(phis3)))

‘term33= (tan(a)-1.0/(3.0*tan(phis3))) *exp(3.0*pi/2. O*tan(phls3

' ))+tan(a)*1.0/(3.0*tan(phis3))+1.0
Ngaml=term]1-+term22*term33
qult4=Ngql*qsur+0.5*gamma*b*Ngam]
rel=(qultm-qult4)/(quit3-quit4)
ng3=2.0*qult3/b/9.81/phro
ngm=2.0*qultm/b/9.81/phro
ng4=2.0*qult4/b/9.81/phro
write(2,1000)qult3,qultm,qult4,Ir,rel,ng3,ngm, ng4,p,ph1tc,ph12s
format(3(£6.0,2x),f4.2,3x,f4.2,2x,4(f6.0,2x),2(13.0,2x))







